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Abstract 

 

Natural soft soils are very complex materials and geological processes greatly 

influence their stress-strain behaviour. Natural soft soils exhibit anisotropy and 

interparticle bonding, and their stress-strain response is time-dependent. Taking 

account of those soil characteristics is paramount for realistic and accurate 

predictions of soft soil behaviour. Geotechnical properties of natural soft soils can be 

improved with various techniques, such as stone columns. Stone columns are mainly 

used for settlement and consolidation time reduction, however underneath an 

embankment stone columns also enhance the slope stability. Despite the wide range 

of applications of stone columns, current design methods of stone columns are for 

the greater part based on simple assumptions and do not account for the complex 

soil-column interaction. Numerical methods are still fighting for their place in 

industrial design. They could be used, as a complementary solution to well-known 

empirical design procedures, for gaining a better understanding of the behaviour of 

soil improved with stone columns and for the optimisation of existing design 

procedures. Behaviour of a stone column foundation is largely governed by the 

surrounding soil, its compressibility characteristics and the stress-strain-strength 

response. The models commonly used by civil engineering practitioners predict often 

inaccurate and over-conservative stress-strain response, as characteristics of soft soils 

are ignored and the complexity of the soil-column interaction is neglected.  

The novelty of this research lies in accounting for the complex features of 

natural soft soil behaviour, such as non-linearity, anisotropy, destructuration and 

viscosity, in soil modelling. Following that, the work enables optimisation of the 
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design of stone column foundations by reducing the risk of unexpected ground 

movements. Three-dimensional numerical studies on the effect of mechanical and 

physical properties of stone columns and the impact of soft soil layer thickness are 

carried out by application of advanced constitutive models to represent the soft soil 

mass. Additionally, the research aimed for the development of an advanced 

constitutive model which takes account of all important characteristics of soft soil, 

leading to more realistic predictions of soft soil behaviour. Next, the influence of 

anisotropy, apparent interparticle bonding and viscosity on predicted stress-strain 

response of the stone column foundation constructed on soft soil was studied via a 

three-dimensional benchmark problem and the application of advanced constitutive 

models. 

 

 

Glasgow, March 2011 

Daniela Kamrat-Pietraszewska 
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1 

INTRODUCTION 

 

 

 

 

 

As the amount of population in congested urban area increases, so does the 

proportion of structures which must be constructed on poor soils, such as flood 

plains, coastal regions or seismic areas. Moreover, construction on sites with 

favourable ground conditions is severely limited by economical, social and other 

constraints. Consequently, ground improvement methods, such as stone columns, are 

necessary for safe and economical geotechnical design and construction.  

 Recent advances in geomechanics have resulted in a better understanding of 

the characteristics of natural soft soils, such as anisotropy, destructuration and 

viscosity. Consequently, these soft soil features can be now represented in numerical 

modelling. Current design methods for stone columns are for the most part semi-

empirical or based on simple elastic or plastic solutions, which ignored the non-

linearity of the materials considered. Numerical techniques, such as finite element 

(FE) analyses, can be used as an alternative or complementary solution to the 
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traditional design methods. Using FE analyses enables a representation of both the 

geometry of the engineering problem and the complex response of the natural soft 

soil-stone columns system to be modelled.  In this thesis, stone columns are used as a 

support for two types of foundations: an embankment and a raft footing. These 

problems, as with many other engineering projects, are three-dimensional problems 

and as such, are modelled by conducting three-dimensional FE analyses.   

 

1.1 Aims and objectives 

 

The aims of this thesis are to: 

• confidently use the most advanced soil modelling expertise to simulate the 

stress-strain-strength behaviour of stone column foundations, used to 

reinforce soft soil, in three-dimensional FE analyses; 

• gain an improved understanding of the behaviour of normally consolidated or 

slightly over-consolidated soft clays improved with stone columns; 

• optimise stone column design for practical geotechnical applications. 

The objectives of this research are to: 

• represent the nature of soft soil deposits by advanced constitutive models in 

order to gain a full understanding of the stress-strain behaviour of this 

complex material; 

• study and understand the behaviour of the soft soil improved with stone 

columns, considering both floating and end-bearing columns; 



Chapter 1                                                                                                    Introduction 

____________________________________________________________________ 

3 

• assess the influence of the mechanical properties of the column material on 

the settlement response of the stone column foundation underneath an 

embankment, investigating factors such as the angles of friction, dilatancy 

and stiffness, 

• investigate the impact of the arrangement of the columns, such as diameter, 

spacing and length, on the stress-strain behaviour of the soft soil deposit  

improved with floating stone columns;  

• assess the influence of the thickness of the soft soil deposit on the settlement 

response of stone column-soil mass;  

• give recommendations on stone column design and its optimisation, based on 

the results of a parametric study, in order to improve existing over-

conservative engineering practice; 

• develop and implement in a commercial FE code a new enhanced advanced 

constitutive model, in an attempt to capture the effect of rate-dependent 

behaviour of soft soils on the behaviour of the geo-material (columns-soil 

system); 

• assess the influence of soft soil characteristics, such as anisotropy, 

destructuration and viscosity, of the predicted behaviour of a soft clay deposit 

improved with floating stone columns underneath an embankment, 

• demonstrate the feasibility of the settlement and consolidation time reduction 

of a stone column foundation via a detailed three-dimensional FE analyses. 

 

It should be noted that every numerical analysis is an approximation of the real 

engineering problem. At first the geometry model is simplified, then the soil profile 
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along with the soil properties are idealised. Next, the soil behaviour is described by a 

chosen constitutive model. Subsequently, the construction sequence is modified to 

reflect the most important actions which took place on site. Following that, the 

phenomena considered most relevant are simplified along with some assumptions 

and restrictions.  

 

1.2 Layout of the thesis 

 

The work presented in this thesis is divided into the following chapters: 

Chapter 2 gives a general overview on soft soil characteristics along with some 

recent developments in the field of constitutive modelling. Natural soft clays exhibit 

some features, such as anisotropy, interparticle bonding and destructuration. 

Furthermore, the behaviour is rate-dependent. These are the main features of soft soil 

response considered in Chapter 2. First, a brief description of typical soft soil 

characteristics is presented, followed by the current developments related to state-of-

the-art constitutive models. The models chosen for the numerical simulations of the 

soft soil and stone column material are discussed in detail. The constitutive models 

used should have wide application in engineering practice. As such, the authors of 

the models selected for the subsequent simulations, have tried to limit the complexity 

of their formulations to a minimum.  

Chapter 3 presents a brief summary of the concept and application of stone columns 

in geotechnical engineering. Moreover, the limitations and possible pit-falls during 

the installation of granular columns are discussed. This is followed by a review of 
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some of the most common design methods. An overview of previous studies, both 

experimental and numerical, is also provided.  

Chapter 4 considers a benchmark problem of stone columns installed underneath an 

embankment. The numerical simulations are performed using a three-dimensional FE 

code to analyse the controlling factors of stone column design on the stress-strain 

behaviour of the soil-column system. The aim is to understand the complex 

behaviour of stone columns installed beneath an embankment. For the numerical 

analyses, the advanced constitutive model S-CLAY1S is used to represent the soft 

soil deposit. This elasto-plastic model is able to account for plastic anisotropy, 

interparticle bonding and the destructuration process. Both physical and mechanical 

properties of the stone columns are considered, varying factors such as stiffness and 

angles of friction and dilatancy of the granular material, and length and arrangement 

of the columns. Additionally, the influence of the thickness of the soft deposit on the 

numerical predictions is also investigated. The findings from the parametric studies 

are used to give some guidance on an optimised design of the stone column 

foundation constructed in a soft soil deposit. 

Chapter 5 presents an enhanced advanced constitutive model developed to capture 

the real stress-strain behaviour of the soft soil. The new ACM-S model is a time-

dependent advanced constitutive model, which accounts for plastic anisotropy and 

erasure of interparticle bonds. This model has been based on the Anisotropic Creep 

Model (ACM) by Leoni et al. (2008). Although the model requires the values for two 

additional soil constants and one additional state variable in comparison to the ACM 

model, it is demonstrated that these parameters can be determined from standard 

laboratory tests, ensuring its wide application in engineering practice. The 
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formulation is described in detail, followed by validation of the assumptions of the 

model in simple laboratory tests reproduced numerically, and in a boundary value 

problem using a two-dimensional FE code. The comparison between the predictions 

using the ACM-S model and the measured test results highlights that a model which 

considers destructuration can significantly increase the quality of predictions when 

compared to the ACM model, thus extending the applicability of the model to time-

dependent behaviour of structured soft clays.  

Chapter 6 studies the influence of constitutive models on the numerical predictions 

using three-dimensional finite element analyses of floating stone columns installed in 

a soft natural soil deposit. For the calculations, several constitutive models are used 

to simulate the behaviour of the soft soil deposit. The aim is to understand and 

demonstrate the difference between the alternative modelling approaches, and to 

study the influence of anisotropy, destructuration and time-dependency (and their 

combinations) of the soft deposit improved with the stone columns on the stress-

strain response. The importance of soft soil features and the reproduction of the 

complex behaviour of soft soil improved with stone columns in a FE analysis is 

emphasised. Additionally, the influence of the ratio between the secondary 

compression index 
α

C  and the compression index cC  and the impact of the applied 

modelling approach on the numerical predictions are studied. Moreover, the impact 

of the selection of the over-consolidation ratio on the numerical predictions of the 

surface settlements and the excess pore water pressures evolution are discussed. 

Chapter 7 investigates the interaction of the stone columns underneath a raft 

foundation at a site in Bishopton (Scotland). The differential and total settlements are 

the greatest concerns in engineering design, however other factors, such as the stress 
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distribution and the consolidation process, are also considered in this study. The aim 

is to understand the complex behaviour of stone columns installed beneath a raft 

foundation, and to demonstrate the feasibility of stone columns in the reduction of 

settlements and the time required for full dissipation of the excess pore water 

pressures in the particular case study presented. Three-dimensional simulations of 

floating stone columns installed beneath the raft footing are carried out by means of 

the advanced constitutive model S-CLAY1 used to represent the soft soil deposit 

behaviour. Given the extremely limited geotechnical data and poor quality sampling 

on this particular site, a preliminary study investigating the influence of the over-

consolidation ratio determined from in-situ and laboratory testing is carried out.  

Chapter 8 summarises the main conclusions reached in the previous chapters and 

gives recommendations for further research. 

 

1.3 Publications 

 

This thesis has led to the preparation and publication of two journal papers and 

seven conference papers. The journal papers stemming from this current research are 

listed below: 

1. Kamrat-Pietraszewska D., Leoni M. & Karstunen M. Accounting for viscosity, 

anisotropy and destructuration in natural soft soils, Computers and Geotechnics 

(submitted). 

2. McCabe B., Kamrat-Pietraszewska D. & Egan D. Ground heave induced by the 

installation of stone columns in clay soils, ICE Geotechnical Engineering 

(submitted). 
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A list of the conference papers as a result of the current research is given below: 

1. Kamrat-Pietraszewska D., Krenn H., Sivasithamparam N. & Karstunen M., The 

influence of anisotropy and destructuration on a circular footing, Proceedings of the 

Second British Geotechnical Association, International Conference on Foundations, 

ICOF 2008, Dundee, IHS BRE Press, 1527-1536. 

2. Gäb M., Schweiger H. F., Kamrat-Pietraszewska D. & Karstunen M., Numerical 

analysis of a floating stone columns foundation using different constitutive models, 

Proceedings of the Second International Workshop on Geotechnics of Soft Soils, 

Geotechnics of Soft Soils: Focus on Ground Improvement, Glasgow, 2008, Taylor & 

Francis Group137-142. 

3. Kamrat-Pietraszewska D., Buggy F., Leoni M. & Karstunen M., Numerical 

modelling of an embankment on PVD-improved soft alluvium- Limerick Southern 

Ring Road Phase II, Proceedings of Joint Symposium Concrete Research in Ireland 

and Bridge and Infrastructure Research in Ireland 2008, NUI Galway, Galileo 

Editions, 443-452.  

4. Kamrat-Pietraszewska D. & Karstunen M., The behaviour of stone column 

supported embankment constructed on soft soil, Proceedings of the First International 

Symposium on Computational Geomechanics COMGEO, Juan-les Pins, France 

2009, IC2E International Centre for Computational Engineering, ISBN: 976-960-

98750-0-4 (CD ROM), 829-841.  

5. Kamrat-Pietraszewska D. & Karstunen M., Modelling embankments on floating 

stone columns, Proceedings of the Seventh European Conference on Numerical 

Methods in Geotechnical Engineering NUMGE, Trondheim, Norway 2010, Taylor & 

Francis Group, 851-856. 
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6. Sivasithamparam N., Kamrat-Pietraszewska D. & Karstunen M., An anisotropic 

model for structured clays, Proceedings of the Seventh European Conference on 

Numerical Methods in Geotechnical Engineering NUMGE, Trondheim, Norway 

2010, Taylor & Francis Group, 21-26. 

7. Kamrat-Pietraszewska D. & Karstunen M., A numerical study of feasibility of 

using floating stone columns under low-rise buildings, Proceedings of the Second 

International Symposium on Computational Geomechanics COMGEO, Dubrovnik, 

Croatia 2011, IC2E International Centre for Computational Engineering (accepted 

for publication). 
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2 

CONSTITUTIVE MODELLING 

 

 

 

 

 

An overview on soft soil characteristics along with some recent developments in the 

field of constitutive modelling are given in this chapter. Natural soft clays exhibit 

some features, such as anisotropy, interparticle bonding and destructuration, and their 

behaviour is rate-dependent. Therefore the behaviour related to those characteristics 

is presented here.  

Next, seven constitutive models, related to the analyses presented in this thesis, 

are discussed: 

• Modified Cam Clay (Roscoe & Burland, 1968), 

• Soft Soil Model (Brinkgreve, 2002), 

• Hardening Soil Model (Schanz, 1998), 

• S-CLAY1 (Wheeler et al., 2003), 

• S-CLAY1S (Koskinen et al, 2002, Karstunen et al., 2005), 

• Soft Soil Creep Model (Brinkgreve, 2002),      
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• Anisotropic Creep Model (Leoni et al., 2008). 

The first three models are isotropic models. They are followed with a discussion of 

the anisotropic extensions of the Modified Cam Clay model (S-CLAY1 and S-

CLAY1S). Lastly, the Soft Soil Creep and Anisotropic Creep models describe the 

viscous effects and creep behaviour of soft soils; the former is an isotropic and the 

latter is an anisotropic constitutive model.   

The constitutive models described in this chapter demonstrate the variety of 

different constitutive models for natural soft soil, along with some recent 

improvements and developments in that field. All of the models have the potential 

for wide application in engineering practice as the authors have tried to limit the 

complexity of their formulations to a minimum.  

 

2.1 Background 

 

It is estimated that by 2050 two thirds of the Earth’s population will live in cities 

(Oliver, 2010), therefore there is an acute need for constructing new engineering 

structures. However, construction on sites with favourable ground conditions is 

severely limited by economical, social and other constraints. Thus, nowadays 

structures are often constructed on poor quality soft soils, such as in river valleys or 

coastal regions. Consequently, various ground improvement techniques, such as 

stone columns, are often used in order to provide satisfactory foundation 

performance. There are a number of geological processes influencing the stress-strain 

behaviour of natural soft soils and taking account of the complexity of soft soil 
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behaviour is of great importance for the accurate predictions of the soft soil’s 

mechanical response.   

The stress-strain behaviour of the soil may be studied by laboratory tests and its 

complexity can be taken into account by constitutive modelling. Most practising 

engineers model soft soil using the liner-elastic perfectly plastic Mohr-Coulomb or 

the elasto-plastic Modified Cam Clay models, (Roscoe & Burland, 1968). These 

models take account of simplified soil behaviour and the assumption of an isotropic 

stress history, (which is rarely the case for natural clay), may lead to a poor 

prediction of the mechanical response. This is due to the lack of the fundamental 

features of a natural clay incorporated within these models, such as anisotropy, 

destructuration and rate-dependency. This is particularly true for the modelling of 

soil improved with stone columns as those systems largely rely on the lateral 

resistance of the hosting ground material. Hence, a realistic modelling of the stress-

strain behaviour of the surrounding soil is of great importance.  

Almost all soils and rocks are anisotropic in terms of strength and stiffness. 

Anisotropy arises from the shape of clay pellets, sedimentation and subsequent 

loading history, see Casagrange & Carrillo (1944). Casagrande & Carillo (1944) 

distinguished two types of anisotropy: induced and inherent (also called 

geometrical). Induced anisotropy takes its name from the rearrangement of the initial 

fabric and changes at the interparticle contacts due to strains generated by loading of 

the soil layer, (Wheeler et al., 2003). Inherent anisotropy is due to a combination of 

particle placement during deposition or formation. One can also distinguish a third 

type of anisotropy, the so-called initial anisotropy, which is a combination of both 

induced and inherent anisotropy. It is the description of the anisotropy possessed by 
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an in situ soil element, which is subject to a particular stress history and a subsequent 

set of applied stresses, (Zdravkovic & Potts, 1999). 

The yield characteristic of the natural soil can also be an indication of the anisotropy 

of the material. Graham et al. (1983B) investigated the stress paths and yielding of 

the Winnipeg Clay (Canada) during triaxial tests and concluded that anisotropy may 

be demonstrated via an inclined yield surface in the non-dimensional stress plane, see 

Figure 2.1. Diaz-Rodriguez et al. (1992) compared data from Mexico City Clay with 

several other natural soils and illustrated that elliptical yield surfaces in the p’-q 

plane exhibited symmetry to the 0K - line (the stress path for one-dimensional 

straining). The mean effective stress and the deviatoric stress are represented as p’ 

and q, respectively.   

 

 

 

 

 

Figure 2.1: Stress paths and yielding of Winnipeg Clay in non-dimensional plane  

(Graham et al., 1983B). 
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Due to the one-dimensional strain history, soft soils are generally cross-

anisotropic, this means that the long axes of the clay particles are perpendicular to 

the vertical stress direction in the ground during deposition, (Casagrande & Carrillo, 

1944). It has been demonstrated by Yu & Axelsson (1994) that clay particles, 

deposited under the force of gravity and compressed by the deposition of further 

particles, orientate themselves in such a way. Therefore, the material properties are 

often identical in all horizontal directions in the ground, but differ in the vertical 

direction (the material exhibits a vertical axis of symmetry). Nevertheless, a soil with 

non cross-anisotropic behaviour can be found due to certain tectonic and 

geomorphological processes, such as tilting, moving ice sheets, erosion or crustal 

movements. In such cases the soil stresses or stress histories vary in different 

horizontal directions and this may influence the anisotropy of the fabric. 

Fabric can be defined as the geometrical arrangement of soil particles, the 

interparticle contacts and the spatial arrangements of pore spaces. The soil fabric 

reflects the geological history of the soil and it influences the mechanical behaviour, 

(Collins & McGown, 1974). The state of the soil and the fabric are largely affected 

by the environment in which deposition and subsequent geological events take place. 

An anisotropic fabric leads to anisotropic soil behaviour with respect to strength. 

Such behaviour may be exhibited even if the initial stress state is isotropic. 

Anisotropic arrangement of the soil particles influences the elastic and plastic 

response of the natural soil, to loading for different stress paths. 

Structure, described as the combination of the natural soil fabric and 

interparticle bonding, has been discussed since the 1970s (Mitchell, 1976). 

Interparticle bonding (defined as the interparticle forces which are not purely 
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frictional in nature), can be destroyed during the rearrangement of fabric caused by 

plastic straining, as found by Lambe & Whitman (1969) and Cotecchia & Chandler 

(1997).  Leroueil & Hight (2003) expanded the proposed earlier definition of 

structure by adding the process of lithification, defined as the destructuration of 

porosity through compaction and cementation. In addition to that, Leroueil et al. 

(1985) and Burland (1990) explained that soil structure could arise from clay 

mineralogy, the depositional environment and post-depositional processes, such as 

erosion, thixotropic hardening, leaching, weathering, etc. After deposition soil may 

be subjected to a number of subsequent processes, which in turn will influence the 

soil properties. Structure in an intact state may be degraded by factors, such as 

weathering, chemical and/or mechanical degradation. Destructuration is a term which 

describes the progressive loss of structure (bonding) in natural soils due to plastic 

straining, (Leroueil et al., 1979). Mechanical destructuration is the result of 

volumetric and/or shearing deformation and may lead to the highly sensitive 

response of some soils, such as Canadian or Scandinavian quick clays. It has been 

proven that bonded soils have a stiffer elastic response than unbonded materials, see 

Graham & Li (1985). Additionally, they exhibit a greater peak strength than an 

equivalent unbonded soil, see Leroueil & Vaughan (1990). Bonded soils exhibit 

higher yield stresses than unbonded materials. This phenomenon can be clearly 

explained by examining the behaviour of an unbonded and bonded material during a 

one-dimensional compression test, Figure 2.2. A reconstituted sample would follow 

the intrinsic compression line with gradient
iλ , whereas a natural soil would follow 

the line with a lower gradient until it reaches the yield stress. The natural soil would 

have a very high value of λ  at the onset of yielding and the compression curve 
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would then gradually converge to the intrinsic compression line as bonding is 

gradually destroyed.  

 

 

Figure 2.2: Natural and reconstituted soil during oedometric loading. 

 

There is not necessarily a solid link between the soil particles (particularly with 

clays), but rather interparticle bonding is the consequence of several phenomena, 

such as compression, cementation and thixotropy, as concluded by Leroueil & Hight 

(2003). 

The loading response of saturated clays is time-dependent due to the 

consolidation process. First, when a fully saturated clay is loaded in a fast undrained 

manner, excess pore water pressures are created and dissipation takes a long time as 

a result of low hydraulic conductivity and long drainage paths. Ultimately, the excess 
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pore water pressures will fully dissipate and then the consolidation process will be 

finished.  

Consolidation is hence a time-dependent process as the water needs to drain 

through the pore system. The time-dependent response can be divided into two parts: 

primary consolidation and secondary compression (so-called creep). During primary 

consolidation the load, which is initially carried by the excess pore water pressure, is 

transferred to the soil skeleton. Throughout this process secondary compression takes 

place under constant effective stress. If effective stresses are held constant over a 

long period of time, substantial creep strains may be observed in natural soils. Creep 

itself is dependent on the rate of straining, which influences the yield stresses and the 

undrained shear strength. 

For practical applications one usually assumes that for most normally 

consolidated clays within a stress range of 10..1 000 kPa the secondary compression 

index αC  and the compression index cC  are approximately constant, see Fang 

(1991). However, laboratory and field data for a wide range of natural soils show that 

the secondary compression index αC  may decrease/increase or remain constant over 

a significant period of time, see Mesri & Godlewski (1977 & 1979), Mesri & Castro 

(1987), Mesri et al. (1994) or Mesri (2001). For the sake of simplicity, it is often 

assumed that the magnitudes of αC  and cC  are directly linked, and that the value of 

cCC /α  together with the end-of-primary consolidation (EOP) 'log ve σ−  curve 

characterise the secondary compression  behaviour of soil, as stated by Mesri & 

Castro (1987). Creep of soft soils is of great importance, as continuous settlement 
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can impose damage of the structure if not considered accordingly in the design, 

(Bjerrum, 1967; Graham et al., 1983B; Leroueil et al., 1985).    

 

2.2 Isotropic constitutive models 

 

In this section, three isotropic constitutive models, the Modified Cam Clay, the Soft 

Soil and the Hardening Soil models are briefly described. All of these constitutive 

models are used in calculations presented in this thesis either to represent the soft soil 

deposit or to account for the behaviour of the stone column material. 

 

2.2.1 Modified Cam Clay 

 

The Modified Cam Clay (MCC) model was introduced by Roscoe & Burland (1968) 

based on the idea of the Cam Clay Model (Roscoe et al., 1958). This is probably the 

most widely used hardening elasto-plastic model, by practicing engineers for the 

numerical simulations of soft normally or lightly over-consolidated soils. The 

relative simplicity of the formulation leads to many modelling applications, however 

one should remember its major weaknesses, such as the lack of anisotropy, bonding 

effects, destructuration or time-dependence, which result in the lower accuracy of the 

numerical predictions than those given by more advanced constitutive models.  

The MCC model is based on the Cam Clay formulation presented by Roscoe et 

al. (1958) and uses the Critical State Concept where the state of a soil can be 
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characterised by three parameters: the effective mean stress 'p , the deviatoric shear 

stress q  and the specific volume v :  

 ( )'
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1 2
3
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' σσ +=p  

(2.1) 
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where: '

1σ  and '

3σ  are the principal effective stresses, and N , λ  and κ  are the 

characteristic properties of a particular soil sample as discussed in the following. The 

slope of the normal compression line and the critical state line (CSL) in 

'ln p−ν space is defined as λ , while the slope of the swelling line in 'ln p−ν space 

is indicated as κ  and both values are assumed to be characteristics of the particular 

soil. The slopes λ  and κ  can be defined as shown in Figure 2.3 and are related to 

the compression index 
cC  and the swelling index 

sC  as measured in the oedometer 

test by the following equations: 

 

10ln

cC
=λ  

(2.4) 

 

10ln

2 sC
≈κ  

(2.5) 

 The characteristic property of a soil sample N , the specific volume along the 

normal compression line at a unit pressure, is dependant on the units of 

measurement. Parameter sν  depends on the loading history of a soil and it is 

different for each swelling line. The specific volume ν  is related to the void ratio e  

via the relationship: 
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 e+= 1ν  (2.6) 

The Modified Cam Clay model overcomes some problems of the original Cam 

Clay model by adopting an ellipse as the yield surface. The shape of the MCC yield 

surface, without a singularity corner on the yield surface, excludes potential 

problems in numerical implementation. The elliptical yield surface is assumed to be 

centred on the mean effective stress axis, see Figure 2.4. As defined by the plasticity 

theory, the possible stress states of soil are either on or inside the yield surface. If the 

stress point remains inside the yield surface, the behaviour is elastic. However, if the 

stress point is on the surface of the yield surface irreversible plastic strains occur.  

 

 

Figure 2.3: Soil sample under isotropic compression in relation to specific volume. 

 

The yield surface f of the Modified Cam Clay model is defined as: 

 0)( '''22 =−−= pppMqf m  (2.7) 
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where: '

mp  is the state parameter defined initially through the vertical pre-

consolidation pressure '

pσ  and describes the size of the yield surface in the qp −'  

stress space. M is the slope of the critical state line (CSL) in qp −'  space and can be 

determined from the critical state soil friction angle '

crϕ  for triaxial compression, see 

Eq. (2.8).  

 

'

'

sin3

sin6

cr

crM
ϕ

ϕ

−
=  

(2.8) 

 

 

Figure 2.4: MCC yield surface in the qp −' (triaxial) stress space. 

 

The model uses a Drucker-Prager failure criterion with an associated flow rule. 

Ongoing plastic deviatoric strains without plastic volumetric strains can be found as 

the stress path reaches the yield surface on the CSL. Due to the sole dependence of 

the hardening law on the plastic volumetric strains, the size of the yield surface does 

not change on reaching the critical state. The soil continues to shear when the 

ultimate strength is mobilised, despite the lack of changes in the mean stress 'p , 

deviator stress q  or plastic volumetric strains p

vε . 
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 The incremental strain is composed of elastic e
dε   and plastic parts p

dε  

following the normal convention of plasticity:  

 pe
ddd εεε +=  (2.9) 

Moreover, the strains consist of volumetric vε  and deviatoric dε  components. 

The change in the size of the yield surface (hardening/softening)  '

mp  is isotropic, 

and is related to plastic volumetric strains, as follows: 

 
p

v

m

m d
pe

dp ε
κλ −

+
=

'

' )1(
 

(2.10) 

where: e is the void ratio.  

Hardening accompanied by compression occurs when yielding is observed on 

the ‘wet’ side, which is to the right of the point at which the CSL-line intersects the 

yield surface, see Figure 2.4. If, however, yielding is on the ‘dry’ side, softening 

behaviour along with dilatancy occurs and the yield surface reduces in size until the 

critical state is reached. 

The current vertical effective stress '

vσ  and pre-consolidation pressure '

pσ  may 

describe the current state of the soil using the over-consolidation ratio OCR : 

 

'

'

v

p
OCR

σ

σ
=  

(2.11) 

Over-consolidation of the material can be also expressed as the difference 

between the pre-consolidation pressure 
'

pσ  and the current vertical effective stress 

'

vσ , and defined as the pre-overburden pressure POP : 

 ''

vpPOP σσ −=  (2.12) 
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MCC is a very useful modelling tool in the numerical analysis of boundary 

value problems, in particular when stress reversals and stress rotations are not 

present, (Gens & Potts, 1987). A major drawback of this model is the over-prediction 

of 
0K - values and the under-prediction of the corresponding stress ratio 

'0 p

q
K =η  

when compared to experimental results. This is due to both the isotropic elliptical 

yield surface and the associated flow rule, see Potts & Zdravković (1999). 

Furthermore, over-predictions in the axial strain values during drained shearing 

compared with experimental observations have also been reported, (Davies & 

Newson, 1993). Moreover, the model is applicable for soils with an isotropic stress 

history, which is rarely the case for natural clays due to the one-dimensional strain 

history of clays. Additionally, most often the loading imposed on soil deposits is not 

isotropic. Both the plastic surface and the plastic potential in the deviatoric plane are 

circular which results in a circular-shaped failure surface in the deviatoric plane. This 

shape of the failure surface does not represent very well the failure conditions of 

soils. Due to the form of the hardening law (which allows for changes in size but not 

in the orientation of the yield surface) and the lack of a destrucuration law or time-

dependent rule, MCC describes an ideal soil which does not take into account the 

characteristics of soft natural deposits.  

 

2.2.2 Soft Soil Model 

 

The Soft Soil Model (Brinkgreve, 2002) was inspired by the Modified Cam Clay 

formulation. The model assumes two components of the yield surface: a volumetric 
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hardening cap yield surface and a Mohr-Coulomb failure yield surface, see Figure 

2.5. The yield surface of the Soft Soil model (SS) defines the boundary for 

irreversible strains in primary compression and the failure surface is fixed. It can 

expand as a function of plastic volumetric strains.  

The yield surface is determined by the following equation: 

 eq

p

eq ppf −=  (2.13) 

where: 
eq

pp  is the equivalent pre-consolidation stress and eqp  is the equivalent stress 

state and is related to the actual stress state. 

The equivalent stress states are defined as: 

 










−
=

**0 exp
κλ

ε p

veq

p

eq

p

d
pp  

(2.14) 

and 

 

( )
( )'''

'''2*

2

cot
cot

ϕ
ϕ

cp
cpM

q
p eq ++

+
=  

(2.15) 

where *M in the Soft Soil model governs the aspect ratio of the yield surface, which 

defines the ratio of the horizontal to the vertical effective stresses in one-dimensional 

compression within the normally consolidated range and subsequently, the 

coefficient of the lateral earth pressure NC
K0 . It should be noted that the parameter 

*M in the SS model is different from the parameter M used in the Modified Cam 

Clay model. In the Soft Soil model failure via the Mohr-Coulomb formulation may 

not be necessarily related to the critical state, unless a dilatancy angle 'ψ  is equal to 

zero. The parameter *M is solely used for the definition of the shape of the yield 
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surface, not as a failure criterion. Because of it, in practice there is no ‘dry’ side in 

the SS model. 

                    a)   

 

                 b)  

 

 

Figure 2.5: The yield surface of the SS model in:  

a) triaxial stress space and b) principal stress space (Brinkgreve, 2002). 
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The model assumes a logarithmic relationship between volumetric strain 
vε  

and the equivalent effective stress 'p : 

 


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







−==

'

'
*

0 ln
p

vv

p

σ
λεε  

(2.16) 

where: *λ  and *κ  are the modified compression and swelling indices respectively, 

and they differ from the conventional compression and swelling indices accordingly: 
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(2.18) 

The ratio between the modified indices *

*

κ
λ  is equal to the ratio of 

κ
λ . Eq. (2.18) 

indicates that there is no direct relation between the modified swelling index *κ  and 

the one-dimensional swelling index 
SC . That is due to the change in 

0K  during one-

dimensional unloading.  

The Soft Soil model is very useful for normally consolidated clays and peat 

during primary loading as long as the time aspects are of secondary importance, see 

Husein et al. (2001). One major improvement, if compared with the MCC model, is 

the realistic predictions of the stress paths for one-dimensional compression. 

Just like MCC, the SS model is isotropic. However, as natural soft soils are 

anisotropic and exhibit some apparent bonding, and the damage to existing 

interparticle bonds influences the stress-strain behaviour, constitutive models used 

for a realistic representation of a soft soil deposit should consider these soil 

characteristics. It is also worth noting that in the Soft Soil model there is no ‘dry’ 
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side, so the behaviour of a highly over-consolidated soils would be similar to that 

predicted by the Mohr-Coulomb model. 

 

2.2.3 Hardening Soil Model 

 

The Hardening Soil (HS) model was introduced by Schanz (1998) and was then 

further developed by Schanz et al. (1999). HS is commonly used by geotechnical 

engineers for the numerical modelling of uncemented sands and over-consolidated 

clays. Similar to the SS model, failure in HS is described by the Mohr-Coulomb 

criterion, and material dilatancy is included. The HS model is based on a double 

hardening model (Vermeer, 1978) to simulate triaxial tests in a more accurate way by 

accounting for the stress dependency of the soil stiffness modulus, which leads to an 

increase in stiffness with pressure.   

The Hardening Soil model incorporates a multi-surface yield criterion 

combining a shear hardening surface on the so-called ‘dry’ side (cone) and a 

volumetric hardening elliptic cap surface with an associated flow rule on the ‘wet’ 

side. The deviatoric hardening surface expands with deviatoric strains and rotates 

anticlockwise until the failure condition is reached. The elastic region in the HS 

model is defined by both a cone and an additional cap. The cap surface is defined as: 

 ( ) ( )
2

'''2'''

2
cotcot

~
ϕσϕ

α
ccp

q
f p +−++=  

(2.19) 

where: 
~

q  is a special stress measure for deviatoric stresses ( '

3

'

2

'

1 )1( δσδσσ −−+ ), 

with )'sin3/()'sin3( ϕϕδ −+= ), α  is an auxiliary parameter related to NCK0 , 'p is 
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the mean effective stress, 'c  is the effective cohesion and 'ϕ  is the effective angle of 

friction.  

In order to model the irreversible strains due to primary deviatoric loading, 

shear hardening is included within the HS formulation. To account for the 

irreversible plastic strains (straining) due to primary compression during oedometer 

loading and isotropic loading, isotropic compression hardening is also incorporated 

in the HS model. The relationship between the deviatoric stress and the axial strain 

during primary triaxial loading is defined as illustrated in Figure 2.6. 

 

 

Figure 2.6: Deviatoric stress-axial strain relationship for the HS model (Brinkgreve 2002). 

 

During primary shear, the stiffness of the soil is related to the power law as 

follows:  

 m

ref

ref
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c
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

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

⋅+⋅

⋅−⋅
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'

3
5050  

(2.20) 

where: ref
E50  is the reference stiffness modulus corresponding to the reference stress 

refp , '

3σ  is the minor principal stress and m  defines the curvature of the 1ε−q  line 
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and depends on the nature of the soil considered. Brinkgreve (1994) recommends for 

soft soils a value of m  equal to 1. 

During an unloading-reloading path the soil stiffness can be described as:  

 m

ref

ref

urur
pc

c
EE 





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




⋅+⋅

⋅−⋅
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'

3  

(2.21) 

where: ref

urE  is the reference unloading-reloading stiffness modulus corresponding to 

the reference stress refp  and '

3σ  is the minor principal stress. 

For the one-dimensional compression of soft soils (when m =1) the reference 

oedometer stiffness modulus ref

oedE  can be related to the modified compression index 

*λ , and thus to λ : 

 m

ref

ref
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p
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
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
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σ
 

(2.22) 
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(2.23) 

The reference unloading-reloading stiffness modulus ref

urE  can be related to the 

modified swelling index *κ  as follows: 

 

*

2

κ

ref
ref

ur

p
E ≈  

(2.24) 

The Hardening Soil model is widely used for modelling granular materials and 

it also gives better predictions for normally and over-consolidated clays and dense 

and loose sands than the simple Mohr-Coulomb model. However, it is not suitable 

for simulating the behaviour of stiff heavily over-consolidated clays, see Brinkgreve 

(2002). HS accounts for stress dependency of the stiffness modulus and is considered 
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very useful in the case of deep and shallow excavations, and further extension of the 

model by Benz (2007) enables small strain stiffness to be accounted for. 

 

2.3 Anisotropic constitutive models 

 

In this section a short overview of developments in the constitutive modelling of 

anisotropic soils is given, followed by a brief description of the S-CLAY1 model 

(Wheeler et al., 2003), which is the basis of most of the advanced constitutive 

models used in this thesis. 

 

2.3.1 Modelling anisotropy 

 

Evidence of the anisotropy of natural clays has been given by many researchers, see 

for example Tavenas & Leroueil (1977), Graham et al. (1983B) or Diaz- Rodriguez 

et al. (1995). Tavenas & Leroueil (1977) suggested that the yield surface of natural 

clays is inclined in the ''
st −  plane (where '

t  and '
s are the shear stress and the mean 

effective stress in plane strain respectively) and that the expansion of the yield curve 

with time is due to creep. They proposed a time-dependent conceptual model to 

account for the initial anisotropy via an inclined ellipsoidal yield surface. The centre 

of the ellipse is orientated around a stress path following the 0K -line. In parallel, 

Sekiguchi & Ohta (1977) introduced their time-dependent model for normally 

consolidated clays, which allowed for stress induced anisotropy of the material. A 

major drawback of this model is the singularity corner on the yield surface, which 
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causes some problems during numerical implementation. Furthermore, the model is 

not able to represent the evolution of anisotropy. 

Later, several elasto-plastic constitutive models were proposed, which account 

for changes in anisotropy as a result of plastic volumetric strains only, see Dafalias 

(1986), Davies & Newson (1993) and Whittle & Kavvadas (1994). A kinematic 

(translational) hardening law instead of a rotational hardening law was proposed by 

Di Prisco et al. (1993). The model proposed by Dafalias (1986 & 1987) is relatively 

simple in its formulation and is based on Modified Cam Clay, but the rotation of the 

yield surface is based on only plastic volumetric strains. This is physically unfounded 

and creates problems in relation to model predictions under some stress path 

directions (Karstunen & Wheeler, 2002 and Wheeler et al., 2003). The lack of the 

dependence of the rotational hardening on plastic shear strains precludes the yield 

surface from further rotation in the critical state. This leads to the dependence of the 

final degree of anisotropy on the initial amount of anisotropy and on the stress path 

followed to reach the critical state. The mathematical form of the anisotropic yield 

surface (Figure 2.7) of the Dafalias (1986) model is such that it has a horizontal 

tangent where the yield surface intersects the critical state line (M-line), and it is 

identical to that proposed independently by Korhonen & Lojander (1987) based on 

experimental evidence. 

Very similar in formulation but with a different aspect ratio of the sheared 

ellipse is a model proposed by Banerjee & Yousif (1986). This model assumes a 

rotational hardening law, which allows for a change of the yield surface inclination 

solely due to plastic volumetric strains, so it has the same problem as the Dafalias 

(1986) model. In the model developed by Davies & Newson (1993) a rotational 
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hardening law was incorporated within this model along with a non-associated flow 

rule. 

 

 

Figure 2.7: The yield surface proposed by Dafalias (1987). 

 

The major drawback of their rotational hardening law is the lack of the rotation of 

yield surface during loading at a constant value of stress ratio η . This means that if 

an anisotropic soil is loaded along an isotropic stress path, the anisotropy will not 

change. 

A link between the evolution and erasure of the fabric due to both plastic 

volumetric and shear strains was proposed by Whittle & Kavvadas (1994), Pestana & 

Whittle (1999) and Wheeler et al. (2003). Pestana & Whittle (1999) formulated a 

hierarchical constitutive model MIT-E3 for uncemented materials (such as sands) 

and stiff clays. This rather complicated model is able to predict unloading and 

reloading cycles by adopting bounding surface plasticity, see Figure 2.8. The 

originally isotropic yield surface is inclined with the consolidation direction which 

enables the rotation of the ellipse. To satisfy 0K  and critical state conditions the 
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authors used a non-associated flow rule, which slows down the analysis, as the 

resulting stiffness matrix is non-symmetric. The predictions of the model for soil 

behaviour under an embankment are in agreement with the investigations of 

Zdravkovic et al. (2002). However, as the model requires fifteen input parameters, 

which are difficult to obtain via standard laboratory tests, the formulation is used 

mainly for research and not by geotechnical practitioners. This problem does not 

apply to the model proposed by Wheeler et al. (2003), which was briefly presented in 

Section 2.3.2. 

 

 

 

Figure 2.8: MIT-E3 yield surfaces proposed by Pestana & Whittle (1999). 

 

An alternative way to represent anisotropy was proposed by Zienkiewicz & 

Pande (1977) for rocks using the so-called multilaminate framework. The idea has 

been extended to clays by Pande & Sharma (1983) and Pietruszczak & Pande (1987). 

Within the multilaminate framework a number of contact planes is associated with 
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each stress point and an integration rule defines the orientation of the contact planes. 

A local stress-strain relationship is formulated on each contact plane. The global 

strains are determined by numerical integration of the plastic strains from each 

sampling plane and the global elastic strain. However, a major drawback of this 

approach is that a global equivalent of the yield surface does not exist. Moreover, the 

state parameters have to be stored for each sampling plane, and hence the 

computational effort is significantly increased in comparison to the standard critical 

state models, as integration over all sampling planes for each individual stress point 

is required.  

 

2.3.2 S-CLAY1  

 

Wheeler et al. (2003) proposed an anisotropic extension of the Modified Cam 

Clay Model, the so-called S-CLAY1 model, which stemmed from the previously 

introduced work of Wheeler (1997) and Näätänen et al. (1999). High accuracy of the 

stress-strain predictions is assured via the incorporation of a rotating inclined yield 

surface, which has been proven to model data on natural soft soils (Wheeler et al. 

2003).  

The formulation in the general stress space will be presented below as it is 

required for the incorporation of full anisotropy instead of fixed cross-anisotropy in 

finite element modelling. Next, the description of the model parameters, including 

additional soil constants and initial state variables, and some brief advice regarding 

their determination are given. 
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The inclined yield surface can be visualised as in Figure 2.9 in triaxial and 

principal stress space and expressed in three-dimensional form as: 
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where: 
dσ  is the deviatoric stress tensor, 

dα  is the deviatoric fabric tensor and M is 

the stress ratio at critical state. The deviatoric stress tensor 
dσ is defined as follows: 
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(2.26) 

The deviatoric fabric tensor dα  is then analogous to the deviatoric stress tensor 

defined as below: 
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where the components of the tensor are defined as: 
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a)  

 

b)  

 

Figure 2.9: S-CLAY1 yield surface in: a) triaxial stress space and b) principal stress space. 

 

The scalar anisotropy parameter in simplified triaxial stress space can then be 

defined as: 
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Two hardening parameters, '

mp  and 
dα , define the size and orientation of the yield 

surface, respectively. The deviatoric fabric tensor  
dα  indicates the degree of the 

plastic anisotropy of the soil and once the value of dα  is equal to zero, the yield 

surface reduces to the yield surface of the MCC model. However, one should 

remember that for soils with a 0K stress history the initial value of α  is greater than 

zero.  

In the S-CLAY1 model the elastic strains are defined in the same manner as in 

MCC, which means that the anisotropy is only considered for plastic straining.  

Elastic volumetric strains are defined as follows: 
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And the deviatoric component of elastic strain is described as: 
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where: Poisson’s ratio 'ν is constant and the shear modulus '
G  is defined as 
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In the S-CLAY1 model two hardening laws have been incorporated in order to 

account for the change in size and orientation (inclination) of the yield surface due to 

plastic straining.  

Changes in the size of the yield surface '

mp  in the S-CLAY1 model, as in 

MCC, is related solely to the plastic volumetric strains following the hardening law: 
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where: λ is the slope of the normal compression line obtained from 'ln p−ν curve 

for stress paths at a constant stress ratio η  where no change in anisotropy is assumed 

( .const=α ).  

The amount of anisotropy in the soil material is not fixed and is altered during 

plastic straining, resulting in the development or erasure of fabric anisotropy. During 

this process, the orientation (inclination) of the yield surface changes and this can be 

defined by the plastic volumetric and deviatoric strains using the so-called rotational 

hardening law as follows: 
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where: '/ pdση = , p

ddε  is the plastic deviatoric strain increment, ω  and 
dω  

determines the absolute and relative effectiveness of the rotational hardening of the 

yield surface, respectively. Wheeler et al. (2003) defined the target values of the 

inclination of the yield surface for the deviatoric and volumetric plastic strains as 

η
3

1
 and η

4

3
, respectively based on experimental evidence obtained for soft 

Otaniemi clay from Finland.  

Similar to MCC, an associated flow rule has been employed in the S-CLAY1 

model, which can be defined as follows: 
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Determination of additional state variable and soil constants  

In addition to the MCC model, S-CLAY1 requires two soil constants, namely 

ω  and 
dω . Moreover, the components of the fabric tensor 

dα  (or state variable α  

in triaxial stress state) have to be assigned values (
0α  for the triaxial stress space, 

respectively). This section will focus on the determination of these input parameters.  

Assuming that the y-axis coincides with the vertical axis in the ground, for an 

initially cross-anisotropic soil, it is assumed that: 

 
zx αα =  , 0=== xzyzxy ααα  (2.35) 

where: y-axis is the vertical axis in the ground. Following that, the components of the 

deviatoric fabric tensor (Eq. (2.28)) are reduced to: 

 
xy αα 23 −=  (2.36) 

Thus, the deviatoric fabric tensor dα can be expressed in terms of xα : 
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Components of Eq. (2.29) are defined using Eqs. (2.35 & 2.36): 

 
3

1 αα −=x  (2.38) 

As conventionally it is assumed that in triaxial loading 
'''

3

'

1 xyq σσσσ −=−=  is 

positive, a positive value of α is taken for the sake of consistency. Then the scalar 

parameter for cross-anisotropic and for 
0K  consolidated soils is expressed as: 



Chapter 2                                                                                    Constitutive modelling 

____________________________________________________________________ 

40 

 

































−

−

−

=































−

−

−

=

0

0

0
3

3

2
3

0

0

0
3

3

2
3

0

0

0

0, K

K

K

d
α

α

α

α

α

α

α  

(2.39) 

The initial value of the yield surface inclination 
0α  can be estimated by 

assuming a unique α  value corresponding to one-dimensional straining as a result of 

loading at a specific stress ratio η . One-dimensional straining can be defined as: 
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(2.40) 

Assuming relatively small elastic strains (compared to plastic strains), one can 

approximate that: 
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(2.41) 

Following the assumption about the associated flow rule, the initial value of the yield 

surface inclination 0α  for normally consolidated soil can be defined as: 
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Applying Jaky’s formula for estimating the coefficient of earth pressure at rest 

( )sin1( '

0 cvK ϕ−= ), the stress ratio 
0Kη for normally consolidated soils can be 

defined as: 
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Eqs. (2.42 & 2.43) suggest that the inclination of the yield surface is dependent on 

the critical state friction angle '

cvϕ  of the clay. However, in the case of heavily over-

consolidated soils which are subjected to unloading, a change of the inclination and 

the size of the yield surface may take place (as a result of crossing over the yield 

surface along the unloading stress path and subsequent rotation towards the isotopic 

state). The procedure used for the determination of the initial value of α  has been 

formed by applying the assumption that the soil considered is not heavily over-

consolidated and that the orientation of the yield surface has not be influenced by any 

elastic unloading of the material to a lightly over-consolidated state. Moreover, the 

theoretical background on the initial anisotropy is valid if the soil layers are 

horizontal, which is not always the case (i.e. in the case of slopes). However, if 

inclined soil layers have been built up as a result of river or wind erosion, the 

background regarding the initial anisotropy will be valid. 

A simple method of estimating the relative effectiveness of plastic deviatoric 

and volumetric strains in the rotation of the yield surface
dω  has been presented by 

Wheeler et al. (1999). By setting the components of 
ddα  to zero in Eq. (2.33) one 

can see that only one specific value of the parameter dω  will bring the yield surface 

to the required inclination 
0Kαα =  during continuous loading at 

0Kηη = : 
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The rate at which the yield surface rotates towards its target value is defined via 

the parameter ω . However, no direct method of this parameter exists and to 

determine ω , a laboratory test which involves a significant rotation of the yield 
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surface (such as isotropic loading of a soil with a one- dimensional strain history or 

undrained shearing in triaxial extension) would be ideal for that purpose. Then, one 

can obtain ω  by comparing the test results with model simulations for different 

values of ω . If such experimental tests are not available, ω  can be determined using 

conclusions from the parametric studies conducted by Zentar et al. (2002), where the 

stress-strain behaviour of several Scandinavian clays was studied using triaxial tests. 

An empirical relation was proposed as a result of those studies in the form of: 

λωλ /20/10 〈〈 , where λ  is the slope of the normal compression line 

obtained from the 'ln p−ν curve. Nevertheless, it has been demonstrated via 

numerical simulations of triaxial tests with different stress paths that predictions are 

not greatly influenced by the value of ω , (Wheeler et al., 2003). In fact, Wheeler et 

al. (2003) suggested that within the range of ω  studied by Zentar et al. (2002) an 

isotropic stress state three times larger than the yield stress must be applied to a soil 

sample before fabric anisotropy is entirely erased. 

S-CLAY1 is a hierarchical model; if anisotropy is not considered, S-CLAY1 

can be reduced to the MCC model by setting the rotational hardening parameter ω  

and the parameter describing the inclination of the yield surface (α ) to zero. 

The formulation of the S-CLAY1 model has a number of advantages over the 

isotropic MCC model and other constitutive models. First and foremost, this user-

friendly model is relatively simple and all input parameters can be obtained via 

laboratory tests or have real physical meaning. The complexity of the model has been 

kept to a minimum, which allows geotechnical engineers to use it for practical 

applications. Keeping that in mind, this advanced model accounts for plastic 

anisotropy (and more importantly, the development and erasure of anisotropy with 
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plastic straining), and is in agreement with experimental evidence on the orientation 

of the yield surfaces of soft soils (Wheeler et al., 2003). Therefore, improvement of 

the yield stresses along certain stress paths has been made compared to Modified 

Cam Clay, see Wheeler et al. (2003) and Karstunen & Koskinen (2004). The model 

also automatically gives a very good prediction of the coefficient of the lateral earth 

pressure NC
K0 . Moreover, as the orientation of the yield surface at critical state is 

independent of the stress path, the predicted level of anisotropy at the critical state is 

also independent of any initial anisotropy and of the loading history. This is a great 

improvement with respect to some constitutive models where the change in the 

inclination of the yield surface has been related solely to the plastic volumetric 

strains, such as those proposed by Banerjee & Yousif (1986) or Davies & Newson 

(1993). Because an associated flow rule is assumed, the stiffness matrix is symmetric 

which speeds up the computational effort, compared to for example the model by 

Pestana & Whittle (1999). In the version of the S-CLAY1 model used in this thesis, 

the failure at critical state is presented with a Drucker-Prager cone, imposing that the 

critical state stress ratio in triaxial compression CM is equal to the critical state stress 

ratio in triaxial extension EM . Due to the effects of anisotropy, the predicted 

undrained shear strength in extension is much lower than in compression, and hence 

this is an improvement compared to the MCC model. As discussed by Wheeler et al. 

(2003), it is also possible to incorporate with the cone a Lode angle-dependency for 

the formulation. 

The S-CLAY1 model has been extended to the S-CLAY1S model which also 

accounts for interparticle bonding and destructuration processes (Koskinen et al., 
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2002; Karstunen et al., 2005). Details on the S-CLAY1S model are given in Section 

2.4.2.  

 

2.4 Constitutive models with anisotropy and 

destructuration 

 

This section presents a brief overview of the developments in the constitutive 

modelling of interparticle bonding and destructuration and gives a short description 

of the S-CLAY1S model (Koskinen et al., 2002 and Karstunen et al., 2005) which is 

used in the current research to represent the soft soil deposits in a number of 

simulations.  

 

2.4.1 Modelling interparticle bonding and 

destructuration 

 

The presence of interparticle bonding, its implications and the process of 

destructuration have been described by many researchers since the early 1930s, see 

Casagrande (1932). Through many years of research, the influence of the structure of 

the material on the stress-strain behaviour of a natural soil sample has been 

established, see Bjerrum (1967) or Clayton et al. (1972) among others.  

Gens & Nova (1993) proposed an isotropic elasto-plastic critical state model, 

which accounts for the effects of initial bonding and destructuration. They 



Chapter 2                                                                                    Constitutive modelling 

____________________________________________________________________ 

45 

incorporated two yield surfaces within this model; the first of them is the yield 

surface describing the natural material and the second, the so-called intrinsic yield 

surface, which describes the behaviour of the unbonded material. The latter, has got 

the same shape and orientation as the natural yield surface, but it is different in size, 

see Figure 2.10. The ratio between the sizes of these two yield surfaces determines 

the amount of bonding within the material. The degree of bonding can also be 

determined as the difference in void ratio for the bonded and the unbounded soil at 

the same stress level.  

The change in the size of the natural yield surface is governed by two 

mechanisms: the conventional hardening (or softening) and the destructuration 

phenomena. All interparticle bonds are destroyed when the size of the natural yield 

surface becomes equal to the size of the intrinsic yield surface. Additionally, it has 

been assumed that the bonds are destroyed irrespective of the direction of plastic 

straining. The increase in the size of the intrinsic yield surface is associated with 

plastic volumetric strains via a volumetric hardening law, similarly to the MCC 

model; this also influences the size of the natural yield surface. The second 

hardening law, the so-called destructurational law, is incorporated within this model 

and it relates the reduction of the bonding effect to both plastic volumetric and shear 

strains. The major drawback of the model by Gens & Nova (1993) is the lack of 

anisotropy (often found in clay deposits) as the hardening is assumed to be only 

isotropic.  
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Figure 2.10: Yield surfaces for various degrees of bonding (Gens & Nova, 1993). 

 

Rouainia & Muir Wood (2000) introduced kinematic yield surfaces into 

constitutive modelling, following the idea by Mróz at el. (1979) and Al-Tabbaa & 

Muir Wood (1989). They proposed a ‘bubble’ model, an extension of the Modified 

Cam Clay using boundary surface plasticity. The bonding effect leads to ‘some’ 

anisotropy of the yield surface of natural materials for large strains but it disappears 

once destructuration is finished. This is in contrast with the experimental evidence by 

Koskinen et al. (2002), where it was found that the change or evolution of the clay 

fabric orientation continues regardless whether or not interparticle bonding is 

present.  

Another ‘bubble’ model was proposed by Kavvadas & Amarosi (2000). This 

formulation used the intrinsic yield surface idea as presented by Gens & Nova and 

the movement of a ‘bubble’ inside the yield surface is similar to the model by 

Rouainia & Muir Wood (2000). The model accounts for anisotropy, bonding effects 

and volumetric and deviatoric destructuration, nevertheless it requires eleven soil 
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constants and five additional initial values for state parameters. This may limit its use 

in practical geotechnical applications, as only experienced engineers would be able 

to use this model correctly and with engineering confidence. 

An isotropic model, which accounts for bonding and destructuration as an 

extension of the Modified Cam Clay model was proposed by Liu & Carter (2000) 

and (2002). They introduced only a single yield surface, similar to the MCC one, 

which results in a simple formulation. Even so, the assumption that only plastic 

volumetric strains have an effect on destructuration which may lead to an incorrect 

solution, as the effect of plastic shear strains are neglected, which is counter-

intuitive.  

A bounding plasticity model, which in addition to this accounts for anisotropy, 

was proposed by Gajo & Muir Wood (2001). They proposed a further development 

of the destructurational law, by formulating the yield surface and hardening law in 

normalised stress space. This model is capable of modelling isotropic hardening, 

anisotropy, destructuration and also small strain stiffness.  

Based on 3-SKM, introduced by Stallebrass & Taylor (1997), and following the 

kinematic yield surfaces approach, another formulation was proposed by Baudet & 

Stallebrass (2004). This model incorporates three surfaces, kinematic hardening and 

the influence of plastic volumetric and plastic shear strains on the rate of 

destructuration process is assumed to be equal. Applied within this formulation the 

destructurational law is similar to that presented in the Rouainia & Muir Wood 

(2000) model. The model itself has proven to be reasonably successful in the 

representation of the small strain non-linearity, however it does not account for the 

anisotropy of the natural soil. Moreover, the model proposed by Baudet & 
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Stallebrass (2004) has not been implemented into FE commercial code, which limits 

its applicability amongst geotechnical practitioners. 

Along with elasto-plastic bonding models, the multilaminate framework has 

been extended to account for the destructuration process. The models proposed by 

Cudny (2003) and Galavi (2007), which account for both anisotropy and 

destructuration, have been proven to give the correct stress-strain response of soil 

during numerical simulations during element tests. The Galavi (2007) model, which 

has been compared with experimental data, accounts for anisotropic strength and 

anisotropic structure via a structure tensor and furthermore the novel application of 

the non-local approach has enabled the simulation of strain softening. However, 

Galavi (2007) has not verified numerical predictions of his model in any boundary 

value problem. More importantly, drawbacks of the multilaminate approach have not 

been overcome, such as the high computational cost required. 

 

2.4.2 S-CLAY1S  

 

Interparticle bonding and the destructuration process is highly important when 

considering the stress-strain behaviour of natural soft soils, as already discussed. As 

an alternative to the approaches proposed by Stallenbrass & Taylor (1997) or Gajo & 

Muir Wood (2001), the S-CLAY1S model was proposed by Koskinen et al. (2002) 

and Karstunen et al. (2005). This model is an extension of the anisotropic S-CLAY1 

model and in order to account for bonding and destructuration, the idea proposed by 

Gens & Nova (1993) was used.  
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Experimental data on two Finnish soft soils (POKO clay and Vanttila clay) 

indicate that the slope of the normal compression line λ  for natural clays depends on 

the stress ratio η  of the stress path, see Figure 2.11 and Koskinen & Karstunen 

(2004). Koskinen & Karstunen (2004) concluded that the direction of the stress path 

influences the rate at which the destructuration process takes place. As a result of the 

damage to the interparticle bonds, the compression curve of the natural soil will 

converge towards the intrinsic compression curve. Therefore, it is recommended that 

the intrinsic 
iλ  and the apparent (natural) λ  of the slope of the normal compression 

line be distinguished, and the selection of an appropriate λ  value requires some 

thought.  

 

 
a) b) 

 

 Figure 2.11: Influence of the stress ratio on the apparent and intrinsic compression index:  

a) POKO clay and b) Vanttila clay (after Koskinen & Karstunen, 2004). 

 

The S-CLAY1S model (Koskinen et al., 2002 and Karstunen et al., 2005) 

improves the predictions for highly structured soils, such as sensitive soils. The 
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model incorporates two yield surfaces, see Figure 2.12. The first of them is the yield 

surface describing the natural soil behaviour and it is the same as in the S-CLAY1 

model. The second yield surface, named the intrinsic yield surface and indicated in 

Figure 2.12 in red, enables the interparticle bonding and erasure of those bonds to be 

represented. 

 

 
 

         χ  

 

Figure 2.12: Natural and intrinsic yield surfaces, S-CLAY1S model. 

 

The intrinsic yield surface describes an equivalent unbonded material with the 

same void ratio and fabric as the natural soil. It is of the same shape and orientation 

as the natural one, however it is smaller in size. In fact, the size of the intrinsic yield 

surface '

mip  is related to the size of the natural yield surface '

mp  via the so-called 

bonding parameter χ : 

 '' )1( mim pp χ+=  (2.45) 

The bonding parameter χ  describes the amount of bonding enclosed in the soil 

material.  
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The increment of plastic volumetric strains in the S-CLAY1S model is a result 

of two components and can be described as follows: 
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The first of the components is related to the increase in size of the natural yield 

surface (and is identical to the plastic volumetric strain predicted by S-CLAY1) and 

the second component represents the additional plastic volumetric strain due to 

destructuration.  

In order to derive the ratio of the plastic volumetric and deviatoric strains, the 

S-CLAY1S model assumes, similar to S-CLAY1, an associated flow rule. Moreover, 

the elastic behaviour is assumed to be the same as in S-CLAY1 and MCC. It is 

assumed in the S-CLAY1S model that the elastic strains do not cause damage 

between the interparticle bonds and that the elastic properties are not influenced by 

the destructuration process. As the S-CLAY1 and S-CLAY1S model have been 

developed with normally or lightly over-consolidated soils in mind, the assumption 

about the dominance of plastic strains in practical geotechnical problems seems to be 

valid.  

The behaviour of soil described by S-CLAY1S is governed by three hardening 

laws. The first of them, related to the rotation (orientation) of the yield surface is the 

same as in the S-CLAY1 model. The second hardening law, which describes the 

change in size of the yield surface, is very similar to the volumetric hardening law 

applied in S-CLAY1. However, in the case of the S-CLAY1S model the hardening 

law applies to the change in size of the intrinsic yield surface '

midp  instead of the size 

of the natural yield surface:  
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And hence an intrinsic value of 
iλ  has to be adopted. 

The third hardening law, a so-called destructuration law, describes the process 

of the degradation of the interparticle bonds with plastic straining and can be 

presented as follows: 
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(2.48) 

where: ξ  and dξ  are two additional soil constants. The parameter ξ  controls the 

absolute rate of destructuration and the parameter dξ  controls the relative 

effectiveness of plastic deviatoric strains and plastic volumetric strains in destroying 

the bonding between particles. Both plastic volumetric and deviatoric strains take 

part in the degradation of the interparticle bonds and tend to reduce the bonding 

parameter χ  towards a value of zero. Eq. (2.48) has the same form as that proposed 

by Gens & Nova (1993) and that adopted by for example Rouiainia & Muir Wood 

(2000). 

When destructuration is complete, the natural yield surface coincides with the 

intrinsic one. It has been proven that the incorporation of the process of degradation 

of the interparticle bonds enables softening to be modelled as a result of 

destructuration, see Karstunen & Koskinen (2004) or Koskinen & Karstunen (2006).  
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Determination of additional state variable and soil constants  

In addition to the S-CLAY1 model, S-CLAY1S requires three soil constants:ξ , 

Dξ  and Iλ . Moreover, the initial value for an additional state variable χ  has to be 

determined. This section focuses on the determination of these input parameters.  

The initial amount of bonding 0χ , the so-called bonding parameter, can be 

estimated based on the sensitivity of the soil tS , measured for example by fall cone 

tests. As the sensitivity of the soil is defined as the ratio between the strength of the 

natural soil sample to the strength of a corresponding remoulded sample, the initial 

amount of bonding can be assumed as follows: 

 10 −= tSχ  (2.49) 

Additionally, 0χ  can be also estimated from oedometer tests on intact soil samples as 

a 
''

/ pip σσ  ratio determined from the 'log ve σ− plot, see Figure 2.13. The 

incorporation of destructuration in S-CLAY1S resulted in improved predictions of 

volumetric strains when compared with the S-CLAY1 model, see Koskinen et al. 

(2002). 

In order to determine the parameters ξ  and dξ  simulation tests with several 

different values of stress ratio η  should be conducted, and the parameters calibrated 

by matching the post-yield compression curves, as outlined by Koskinen et al. 

(2002). The first, parameter ξ  can be obtained by performing a drained triaxial test 

with very low values of the stress ratioη , in which the influence of the shear strains 

is very small and the value of dξ  has a negligible effect. Once the parameter ξ  has 

been selected, a drained triaxial test with a very high value of the stress ratio η  
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should be performed in order to obtain
dξ . A number of numerical tests have been 

performed on Finnish clays, which have indicated that typical values of ξ and 
dξ  

range from 9..10 and 0.2..0.3, respectively (see Koskinen et al., 2002). Research on 

the Scottish Bothkennar clay has indicated similar values of parametersξ and dξ , 

using the optimisation procedure performed by Zentar et al. (2002) ( 8=ξ and 

3.0=dξ ) and McGinty (2006) ( 9=ξ  and 4.0=dξ ). 

The intrinsic value of the post-yield compression index iλ  can be defined using 

oedometer tests on reconstituted soil samples. Alternatively, the value of iλ  may also 

be determined from oedometer tests on natural samples taken to high stress levels.   

 

 

 

 

 

 

 

 

 

 

 

 

 
 

 
 

Figure 2.13: The behaviour of natural and reconstituted soil under one-dimensional loading and 

estimation of the initial interparticle bonding from oedometer tests. 

 

As the two models (S-CLAY1 and S-CLAY1S) have been based on MCC and 

their complexity has been kept to a minimum, it is possible to reduce the advanced S-
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CLAY1 type model into the isotropic MCC model without any changes to the 

formulation. By setting the initial amount of bonding in S-CLAY1S to zero, the 

model reduces to the anisotropic S-CLAY1 model (provided that the λ  value 

inputted corresponds to a natural clay). Furthermore, by setting a few more model 

parameters to zero, the isotropic MCC will be recovered. 

 

2.5 Time-dependent constitutive models 

This section provides a short overview of the developments in time-dependent 

constitutive modelling and gives a brief description of two models, the Soft Soil 

Creep model (Brinkgreve, 2002) and the Anisotropic Creep Model (Leoni et al. 

2008), which are applied in this thesis to represent the soft soil deposits in selected 

simulations.  

 

2.5.1 Modelling time-dependency and viscosity 

 

The observed rate dependent behaviour of soils is due to the inherent viscous 

characteristics of the soil skeleton and as such, this process is inevitable in every type 

of soil. However in some soils this phenomenon is more pronounced. This issue is of 

high importance, particularly in the case of normally consolidated soils, such as 

clays, clayey silts or peats.  

At the beginning of the 1950s the overstress theory was formulated, and first of 

all a one-dimensional constitutive model was introduced by Malvern (1951). Later , 

this model was extended into three-dimensions by Perzyna (1966) and this gave the 
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foundation for many time-dependent formulations, either based on the Cam Clay 

model or on MCC, such as Adachi & Okano (1974), Sekiguchi & Ohta (1977),  

Nova (1984) and others. In the Perzyna (1966) approach, time-dependent behaviour 

in the elastic region is ignored. The model incorporates two yield surfaces: a static 

yield surface (similar to the surface used in time-independent plasticity) and a 

dynamic yield surface, which is bigger in size than the static one and is dependent on 

the loading. The viscoplastic regime is defined by these two yield surfaces, 

(Liingaard et al., 2004). The overstress is referred to as the distance between the 

static and dynamic yield surfaces. A change in the stress state generates the 

viscoplastic strain and the total predicted strain consists of two components: the 

elastic and the viscoplastic part.  

The approach proposed by Perzyna (1966) has been used for many elastic-

viscoplastic formulations, such as Yin & Graham (1989), Hinchberger & Rowe 

(1998), Zhu & Yin (2000) or Kim & Leroueil (2001). All of these models consider 

the soil to be a non-linear and isotropic medium and thus are not applicable to over-

consolidated clays. This is due to the fact that the viscoplastic strain rate is always 

defined as a positive value, and therefore they are not capable of modelling the 

behaviour on the ‘dry’ side of the critical state line.  

More recently, following the idea of the overstress theory and incorporating the 

ideas enclosed in the elasto-plastic S-CLAY1S model (Karstunen et al. 2005), the 

EVP-SCLAY1S model was proposed by Karstunen & Yin (2010). This model is an 

elasto-viscoplastic formulation, which is capable of accounting for soil anisotropy, 

the destructuration of interparticle bonds and viscosity. Three elliptical surfaces are 

incorporated within the EVP-SCLAY1S formulation: a dynamic loading surface, a 
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static yield surface and an intrinsic yield surface, see Figure 2.14. The elastic 

behaviour in the EVP-SCLAY1S model is assumed to be similar to MCC to be 

isotropic and the inclination of the yield surfaces and the application of the hardening 

law ensures that the erasure of fabric anisotropy with viscoplastic strains is 

accounted for. Moreover, the expansion of the intrinsic yield surface, thus the change 

in the current amount of bonding, is assumed to be due to inelastic volumetric 

strains. As EVP-SCLAY1S is a hierarchical formulation, it can be reduced to EVP-

SCLAY1 (where only creep and plastic anisotropy is considered) or to EVP-MCC 

(where isotropic time-dependent behaviour is the subject of study) by simply setting 

certain input parameters to zero.  

 

 

 

 

Figure 2.14: Three surfaces for EVP-SCLAY1S model in triaxial stress space. 

 

The abilities of EVP-SCLAY1S model have been demonstrated through 

numerical studies of triaxial and oedometer tests on intact samples and in a simple 
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boundary value problem of an instrumented test embankment constructed on a 

Finnish soft clay. Comparison of the numerical predictions with experimental data 

and field measurements show that the predictions given by the EVP-SCLAY1S 

model are in reasonably good agreement with the measurements. However, the 

application of this type of model requires input values for viscous parameters, which 

do not have a clear physical meaning. Hence, EVP-SCLAY1S requires a calibration 

of the viscous input parameters by curve fitting, and as showed by Karstunen et al. 

(2010) these are not unique. This might limit the applicability of the model for use 

among engineering practitioners. 

Another line of research used in rate-dependent modelling is the time resistance 

concept, initially introduced by Janbu (1969), where time resistance R is defined as 

the ratio of increment in time to the increment in strain. Based on evidence of fabric 

anisotropy and the destructuration process, Grimstad and his co-workers proposed a 

new constitutive model, which extends the existing S-CLAY1S model (Karstunen et 

al. 2005) using the time resistance theory, see Grimstad et al. (2010). The 

formulation enables advanced modelling of a soft soil mass by accounting for 

anisotropy (including cross-anisotropic elasticity), destructuration and rate effects. 

The volumetric strains may be positive or negative, depending on which side of the 

critical state line is the state of the soil. This leads to the possibility of modelling the 

‘dry’ side of the critical state with a zero value of mean stress at non zero values of 

volumetric strain. The evolution of anisotropy on the reference yield surface in this 

model is governed by a rotational hardening rule, which is related to the viscoplastic 

strains, whereas the development of the viscoplastic strains is described by the time 

resistance concept. Moreover, the destructuration process is modelled by a 
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destructurational rule, similar to the idea proposed by Gens and Nova (1993). 

Numerical tests have also shown that this model is capable of simulating the 

variation of time resistance with stress level. However, at the time of writing this 

thesis no validation of this model against laboratory tests or boundary value problem 

had been performed for a natural soft clay.  

 

2.5.2 Soft Soil Creep Model 

 

The Soft Soil Creep model (Brinkgreve, 2002) is a formulation which is able to 

predict reasonably well the behaviour of an isotropic soft soil which is prone to creep 

at the element test level and in boundary value problems, (Vermeer et al., 1998; 

Vermeer & Neher, 1999 and Neher et al., 2001).  

The Soft Soil Creep model (SSC) incorporates two yield surfaces: the current 

state surface (CSS ) and the normal consolidation surface ( NCS ), presented in 

triaxial stress space on Figure 2.15. The yield surfaces in SSC are shifted off the apex 

point to the left, as shown in Figure 2.15 if the non-zero value of apparent cohesion 

'c  is assumed. 

The shape of the current state surface is defined by the parameter *M  which is 

similar to the Soft Soil model. Its size is determined by '

eqp , which represents the 

current stress state, as follows: 

 

)'cot''(
'
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2
'
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Figure 2.15: Yield surfaces of SSC model in triaxial stress space (after Brinkgreve, 2002). 

 

The pre-consolidation pressure '

pp  can be determined from the 24 hour 

compression line and it is related to the increase in the volumetric creep strain value. 

As a result of the hardening law, it can be expressed as below: 
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where: '

0pp  is the initial value of the pre-consolidation pressure '

pp . 

The normal consolidation surface defines the stress state on the normal 

consolidation line corresponding to a given reference time. The size of the normal 

consolidation surface is represented by the pre-consolidation pressure '

pp  and, unlike 

in the Hardening Soil and Soft Soil models, it is also a function of time. The 

evolution of the pre-consolidation pressure '

pp  with time is related to the viscous 
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volumetric strain rate. The rate of creep is controlled via the ratio '' / peq pp , which is 

defined as: 

 

*'

'
1

OCRp

p

p

eq
=  

(2.52) 

where: *
OCR is the apparent over-consolidation ratio.  

In the SSC model, the NCS expands continuously with time and with various 

expansion rates which are dependent on the value of *
OCR . In order to account for 

shear failure a Mohr Coulomb failure with a non associated flow rule is incorporated 

within the Soft Soil Creep model. Thus, similarly to SS, there is no ‘dry’ side in the 

SSC model. 

The total strain increment consists of two parts: the elastic component e
dε  and 

the viscous (creep) component c
dε , which can be defined as follows: 

 ce
ddd εεε +=  (2.53) 

The volumetric strain increment vdε  can be described in terms of stress 

invariants in thd p’-q plane or in triaxial stress space as below: 

 c
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(2.55) 

where *κ and *λ are the modified swelling and compression indices defined from the 

)'ln( pv −ε plot (as shown in Figure 2.16), τ  is the reference time, usually taken as 1 

day (if the position of the normally consolidation line is defined from 24 hour 

oedometer tests). The first component of the volumetric strain increment describes 
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the elastic part of the strain increment which is directly linked to the rate of increase 

of the mean effective stress 'p , whereas the second component represents the 

volumetric creep strain increment.  

 

 

 

Figure 2.16: Idealised stress-strain plot: one-dimensional oedometer test. 

 

The modified creep index *µ can be defined from the )'ln(tv −ε  plot as shown in 

Figure 2.17 or based on the standard creep index αC as follows: 

 

)1(10ln

*

e

C

+
= αµ  

(2.56) 

The Soft Soil Creep model requires four input parameters, *λ , *κ , *µ and 

*
OCR , and all of these parameters can be obtained from a standard oedometer test, 

provided that the test has been conducted for long enough after applying each 

loading step. Determination of the modified compression and swelling indices, and 

the initial apparent over-consolidation ratio can be performed, as mentioned before, 
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from the )'ln( pv −ε  plot and Eq. (2.52). However, more emphasis should be put on 

the definition of the modified creep index *µ  from oedometer test results when the 

volumetric strain 
vε  is related to the natural logarithm of time t . The modified creep 

index should be selected when the consolidation rate is low enough that its 

contribution to the settlement value is small when compared with the contribution of 

creep (i.e. after full consolidation).  

 

 

 

Figure 2.17: Determination of the modified compression index.  

 

2.5.3 Anisotropic Creep Model 

 

As most soils are anisotropic a further challenge, in addition to the viscosity of 

soft natural soils, is to account for initial anisotropy and the change in fabric 

anisotropy due to plastic straining. Leoni et al. (2008) incorporated these 
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characteristics of the stress-strain behaviour of the soft soil in one formulation called 

Anisotropic Creep Model (ACM).  

In order to account for creep and plastic anisotropy two yield surfaces are used 

in this model: the normal consolidation surface (NCS) and the current stress surface 

(CSS), which is similar to the yield surface incorporated within the S-CLAY1 model 

(Wheeler et al., 2003). Similarly to the S-CLAY1 models, invariants can only be 

used when considering a cross-anisotropic sample in a triaxial stress space, with the 

principal axis of anisotropy coinciding with the principal stress axis. The two 

surfaces, presented in triaxial stress state in Figure 2.18, have the same shape and 

inclinationα , however they are different in size.  

 

 

 

Figure 2.18: Yield surfaces of ACM in triaxial stress space (after Leoni et al., 2008).  
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As in the SSC model, the pre-consolidation pressure '

pp  in ACM defines the 

size of the normal consolidation surface and it evolves with volumetric creep strains. 

It can be determined as follows: 
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where '

0pp  is the initial pre-consolidation pressure, c

vε  is the volumetric creep 

strains, *λ  and *κ  are the modified compression and swelling indices.  

The equivalent mean stress 
'

eqp  defines the size of the current state surface and 

can be determined from: 
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where M is the stress ratio at the critical state and q  is the deviatoric stress. Within 

the ACM formulation an associated flow rule is assumed for the rate of the deviatoric 

creep strains c

ddε . 

The rotational hardening law, similar to that proposed by Wheeler et al. (2003) 

for the S-CLAY1 model, controls the rotation of the NCS and CSS: 
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(2.59) 

where: parameters ω  and dω  are soil constants which control the rate of rotation. 

The parameter dω  can be fully defined by the critical state angle of friction and 

therefore does not require any calibration procedure: 
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where the stress ratio at critical state M , the initial stress ratio 
0η  and the initial 

inclination 
0α  are defined following the equations enclosed in the S-CLAY1 model, 

see Section 2.41 and Wheeler et al. (2003).  

Experimental data presented by Anandarajah et al. (1996) indicated that the 

initial anisotropy is erased during isotropic loading up to a pressure which is two or 

three times larger than the pre-consolidation pressure. Thus, the volumetric strain for 

erasing anisotropy can be defined as: 
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Assuming a flow rule and isotropic loading with q = 0, the rotational hardening law 

can be expressed as: 
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where αd  is the rate of inclination of the yield surface and c

vdε  is the volumetric 

creep strain rate. After integration of the differential equation (Eq.(2.62)) in the range 

between 0α  and ααα d+= 0  and assuming that anisotropy is practically erased 

when 10/0αα = , the rate of rotation of the yield surface ω  can be defined as 

follows: 
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Hence, ω  is dependent on the modified compression index *λ  and the critical state 

friction angle, and can also be estimated using calibration. 

The volumetric creep strains are defined in the same manner as in the SSC 

model (Eq. (2.55)). The isotropic creep model can be obtained from the ACM model 
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by setting the inclination of the yield surfaces and the rate of the yield surface 

rotation to zero. 

Anisotropic Creep Model has been validated in both numerical tests and 

boundary value problems which consider soft soil deposits. It has been shown by 

Leoni et al. (2009) that if compared with SSC the incorporation of fabric anisotropy 

influences significantly the predicted stress- strain behaviour. A further challenge of 

constitutive modelling is to incorporate creep with anisotropy and destructuration in 

a single model following the critical state theory. Such an attempt is presented in 

Chapter 5 where the ACM model (Leoni et al. 2008) has been extended to take 

account of interparticle bonding and the destructuration process.  

 

2.6 Comments 

 

In this chapter a discussion on the behaviour and characteristics of soft soils has been 

presented, followed by a brief overview on the recent developments in constitutive 

modelling. Seven constitutive models, both standard and advanced, have been 

described; all of them are implemented into the 2D PLAXIS v. 9.02 and 3D PLAXIS 

Foundation finite element code as standard models (MCC, SS, HS and SSC) 

available or user defined models (S-CLAY1, S-CLAY1S and ACM). The 

formulations discussed in this chapter were divided into four groups: isotropic 

models (MCC, SS and HS), anisotropic models (S-CLAY1), models which account 

for interparticle bonding and destructuration (S-CLAY1S) and lastly, time-dependent 

models (SSC and ACM).  
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Accurate numerical modelling of real engineering problems involving natural 

soft clays requires adequate constitutive models that can take account of the true 

behaviour of a considered geo-material, such as anisotropy, destructuration and 

creep. If advanced constitutive models are to be widely used in engineering practice, 

they must be relatively simple to use and understand and the determination of input 

parameters should be straightforward, and preferably determined via laboratory or 

field testing. Very complicated formulations with parameters with no physical 

meaning will most probably never be widely used, and are likely to be only useful 

for academic research. 
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3 

STONE COLUMNS INSTALLED IN 

SOFT SOIL 

 

 

 

 

 

The installation of stone columns by applying of a heavy vibrating poker to displace 

the in-situ ground and to compact the imported material is widely used within most 

countries as a successful ground improvement technique (Watts 2000). As the 

amount of congested urban areas increases, so does the proportion of the structures 

which must be constructed on poor soft materials. Subsequently, ground 

improvement techniques, such as stone columns are increasingly required. For a 

range of different locations and ground conditions, the stone column technique has 

been found to be an adequate solution, varying the type of the granular material 

introduced into the soil in terms of the grading or the stiffness of the material.  

In this chapter first an overview on the concept, applications and limitations of stone 

columns is briefly presented. Then, a general review of design methods is given, 

followed by a brief insight into the modelling of the granular columns, in particular 

using numerical simulations. Finally, an overall summary and some comments are 

given. 
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3.1 Overview  

 

An acute need to develop a better understanding of the interaction between soil and 

ground improvement techniques, and the desire to provide satisfactory foundation 

performance at low costs are both major challenges for a geotechnical engineer. 

Aside from the economical aspect of the geotechnical design, the application of 

ground improvement methods should ideally in the case of soft soils, increase the 

shear strength and reduce the compressibility of the in-situ material. Additionally, in 

some cases the application of stone columns is designed to influence soil 

permeability and to improve homogeneity.  

The stone column technique is an economical and environmentally friendly 

method, which treats the ground in order to withstand various loading conditions. 

This type of improvement method forms continuous columns from the maximum 

depth of penetration up to the ground surface, using a deep vibrator.  

 

3.1.1. Concept 

 

The concept of introducing stiff inclusions into soil has been well known for over 

hundreds of years.  At first, wooden piles were inserted into soil to provide additional 

bearing capacity and to reduce the settlements. However, the application of wooden 

piles has been limited due to the negative effect of water on the durability of such 

piles and therefore with time alternative ground improvement techniques have been 

developed, including amongst the others the stone column concept.  

The first application of limestone columns was carried out in soft estuarine 

deposits to support the heavy foundations of the ironworks at an artillery arsenal. The 
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stone columns used in that case were 0.2 m in diameter, 2 m long and they bore the 

load of 10 kN each. According to Moreau & Moreau. (1835) the columns improved 

the considered area so successfully that the expected settlements were reduced by  a 

factor of four. After that, the use of granular material in columns was not used until 

the beginning of the last century.  

In the 1930s stone columns (termed also as vibro stone columns) were used for 

the first time in a German project which involved the densification of river-borne 

granular soils. Afterwards the application of granular columns became a common 

practice in Europe. In contrast, the stone column technique arrived in the United 

States of America relatively late, at the beginning of the 1970s, with the first 

application of stone columns in 1972.  

The installation of stone columns results in forming a stiff composite system 

consisting of the soil and a column of inserted granular material which itself is 

densified. The stone column installation consists of a strictly specified sequence of 

processes. First, the depth vibrator with a rotating eccentric mass is inserted into the 

soil. The nose of the vibrator is tapered to aid penetration into the ground, whilst 

vertical fins prevent the vibrator from rotating during the penetration (EN 

14731:2005). Once the design depth is reached, the vibrator is withdrawn in lifts and 

the cavity is backfilled with granular material. During each lift the vibrator is then 

reinserted, which results in expanding the stone column diameter. This procedure is 

repeated until a limiting condition, measured in terms of amperage drawn by the 

vibrator, is achieved. The column construction is executed for additional columns at 

a predetermined spacing to deliver the desired treatment. 

Three installation processes of stone columns may be distinguished as follows: 

• dry top-feed process (termed as vibro-displacement),  

• dry bottom-feed process (termed as vibro-displacement). 
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• wet process (termed as vibro-replacement),  

All three processes use a similar type of depth vibrator, but differ from each 

other by the grading of the granular material and the method of introducing the 

material into the soil. The grading of the granular material varies from 8..50 mm for 

dry bottom-feed method to 25..75 mm and 40..74 mm for dry top-feed and wet 

method, respectively, see EN 14731:2005.  

In the dry bottom-feed installation the granular medium is delivered directly to 

the tip of the vibrator through a permanent feed tube along its side and the vibrator 

remains in the ground during the column construction to maintain the stability of the 

cavity.  In contrast, during the dry top-feed installation process the cavity formed by 

the vibrator remains open and the granular material is fed directly into the top of the 

created hole. Additionally, compressed air is used as the jetting medium to assist the 

vibrator during penetration to the desired depth. A very similar construction of the 

vibrator is used in the wet method, where the flushing water (as the jetting medium) 

removes soft material, stabilises the cavity and allows the specified granular material 

to reach the tip of the tool. Figure 3.1 shows an example of the vibrator with two 

tubes; one of the tubes delivers the granular material to the tip of the vibrator and the 

second assists in penetration into the soil and flushes the hole as necessary.  

 

3.1.2. Applications 

 

 Stone columns are usually installed from a working platform in single or multiple 

rows beneath a strip footing and in groups beneath pad foundations. The treatment is 

performed using a grid, the arrangement of which depends on the soil conditions and 

the loads to be carried by the structures.  
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Figure 3.1: End of vibrator with two tubes (Boulanger & Duncan, n.d.). 

 
 

Stone columns have been used in nearly every type of civil construction, such 

as residential, commercial and industrial buildings, dams, storage tanks and silos, 

power stations, highways, airport taxiways and runways, road and railway 

embankments, pipelines, bridge abutments, landslide corrections and stabilisation of 

cofferdams. Granular columns have also been successfully utilised in offshore 

engineering, as breakwater and quay walls, offshore bridge abutments, and in land 

reclamation projects, reaching typically up to 35 m in depth. The wide number of   

applications for this technique is intensified by the fact that stone columns can be 

used adjacent to existing buildings without causing damage from vibrations. 

Nevertheless, for every geotechnical application stone columns should be carefully 

compared with other alternative methods to consider the advantages and limitations 

of each treatment. 

With the stone columns technique, columns of dense crushed stone are 

introduced into the soil in order to reduce settlement and to increase bearing 

capacity, allowing a reduction in the foundation size. The stone columns may also 

provide slope stabilisation and enable the construction of fills and shallow footings. 



Chapter 3                                                                 Stone columns installed in soft soil 

____________________________________________________________________ 

74 

This type of ground improvement has proven to be successful in reducing total and 

differential settlements, as well as in increasing the rate of settlements. Installation of 

stone columns in loose sandy soils below the water table reduces the liquefaction 

potential and has an additional effect of draining the deposit. The installation of 

granular columns helps to compact loose sand and gravel layers, reinforces soils that 

cannot be compacted and generally facilitates drainage (particularly in very silty 

sands to sandy silts).  

In granular soils, the effect of the vibrations is to produce a marked 

improvement in the relative density of the surrounding material, thus significantly 

improving the allowable bearing capacity and settlement characteristics. In cohesive 

soils, although some improvement occurs in the geotechnical properties of the clays 

between stone columns, most of the improvement of the formation is achieved by the 

combined effect of the weak soils and the stiffer columns. Indeed, in sensitive clays 

the installation may have a negative effect on the surrounding soil. 

Ground improved by vibrations alone (vibro compaction) can be executed in 

soils which have a granular content greater than ≈ 90%, see Figure 3.2. In cohesive 

and layered soils vibrations have a minimal effect, so the penetration of the vibrator 

is followed by construction of the stone column. The range of soils that might be 

improved by vibratory techniques (including cohesive soils) has been extended to 

silty deposits by the installation of stone columns, see Figure 3.2.  

The expected results of the application of stone columns in different types of 

soil are presented below in Table 3.1 (Hayward Baker, 2004). Excellent and very 

good results, regarding densification, can be expected in sands and silty sands, where 

the diversification of the size of soil particles and high friction angle result in easier 

densification. Considering the reinforcement effect, excellent and very good results 

should be expected in clays, sands, silts and mixtures of the latter two. 
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Figure 3.2: Particle size distribution illustrating the applicability of vibro compaction and stone 

columns (after: Hayward Baker, 2004). 

 

Table 3.1: Stone columns- expected results of application (Hayward Baker, 2004). 

 
 

Relative effectiveness 

 

Type of soil 

Densification Reinforcement 

 

Sand 

 

Excellent 

 

Very good 

Silty sand Very good Very good 

Non plastic silt Good Excellent 

Clay Marginal Excellent 

Mine spoil Excellent, depending on 

gradiation 

Good 

Dumped fill Good Good 

Garbage Not applicable Not applicable 

 

3.1.3. Limitations 

The selection of the treatment technique, as well as the method of execution, is 

usually based on the local ground conditions, type of loading, purpose of 

construction and preferences/skills of the contractor. 
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The wet process can be used when the soil is not contaminated and when the 

soil does not consist of a highly plastic clay, which could lead to a problem when 

handling the slurry in the process water. This method is usually chosen when the 

compaction of sandy and gravelly layers is required and these layers are located 

below the water table. Compaction is generally better accomplished with the wet 

rather than the dry process, as the flushing water assists in compacting the sandy soil 

around the column. Finally, the wet technique is used where the dry top-feed process 

cannot be performed because of unstable ground, such as in running sand conditions. 

The predominant disadvantage of the wet method is the requirement of a water 

supply and the final disposal of the effluent without causing pollution (EN 

14731:2005). A large quantity of water is required to prevent collapse of the created 

cavity or contamination of the column, therefore environmental regulations may 

restrict drainage and the deposition of the slurry in lagoons.  

The dry top feed method of installing the stone columns is suitable only where 

the cavity formed by the vibrator remains open during construction of the column. 

This technique is used in soil with a high water table and in granular soils it is only 

possible above the water table.  

Organic soils tend to have a high moisture content, plasticity index and 

compressibility, hence it is difficult to reduce the settlement in these soils. 

Nevertheless, most organic silts and clays may be improved by introducing stone 

columns. If stone columns are chosen as the ground improvement method, some 

additional considerations should be taken into account while planning the ground 

investigation in order to estimate the future difficulties with construction and 

serviceability of the structure. Many situations can cause difficulties on site during 



Chapter 3                                                                 Stone columns installed in soft soil 

____________________________________________________________________ 

77 

the installation of stone columns or after construction has been completed. Some of 

these issues are discussed below in separate sections. 

 

Peat 

The planned ground investigation should locate and fully evaluate extensive deposits 

of peat or other organic soils. The structure of peat is also an important consideration 

during the design of stone columns as there could be a lack of sufficient lateral 

support. If the discrete layer of peat is thin (less than 0.6 m) granular columns may 

be installed. However, for deposits with larger thicknesses or multiple thin bands of 

organic soil it is unlikely that peat will provide an adequate passive resistance to 

confine the column, see Mitchell & Jardine (2002). 

To confine the stone columns in a peat layer with thickness larger than 0.6 m, a 

dry plug of lean-mix concrete may be constructed during the formation of the 

column. Another solution may be to use geogrids or geotextiles, which, if installed 

around the perimeter of the column, may help to encase the granular column in the 

peat layer. 

 

Clay fill 

It is difficult to predict the self-weight settlement of clay layers, especially if there 

has been little control during placement. Therefore, it is common practice that stone 

columns should not be used in clay fill which has been placed less than 10 years ago.  

In loose fills which are susceptible to collapse settlement (such as back-filled quarry 

pits) the installation of stone columns will be of little benefit. Collapse settlement 

might be caused by first-time inundation of water directly through the ground 

surface, underneath the ground surface or a rising groundwater table. Constructing 

the granular columns may facilitate the passage of water unless suitable precautious 
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are taken. An instant loss of lateral support at the top of the column would take place 

due to sudden settlement of the fill, see Mitchell & Jardine (2002).  

 

Permeable strata 

Stone columns act like vertical drains, thus for sites with relatively low natural 

horizontal permeability they can greatly accelerate consolidation. To make the most 

of this advantage with respect to the rate of primary consolidation settlement, the 

vertical and horizontal consolidation characteristics of the soil should be evaluated. 

This means that the presence and extent of thin deposits or lenses of permeable soils 

(such as sand, gravel or shells) should be very carefully determined. If the natural 

horizontal permeability is sufficiently high, the use of columns may not significantly 

accelerate primary consolidation. 

 

Stability 

Granular columns beneath an embankment are generally used to provide an adequate 

margin of safety against failure, therefore evaluation of the representative shear 

strength of the soil and that of the improved ground is very important. Thin soft 

layers of cohesive soils, in which pore water pressures may build up, can have a 

dominant effect on the overall stability of an embankment. For an embankment, the 

control of the design is generally taken to be the short-term (undrained) shear 

strength. For landslide problems, the occurrence and movement of water is very 

significant and the long-term (drained) shear strength is usually critical. 

 

Settlement 

The immediate settlement is usually complete by the end of application of load, 

hence generally it is of little practical significance. Primary consolidation and 
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secondary compression are often very important when the stone columns technique is 

used for embankments and abutment supports on soft soils. For organic and soft 

clays deposits, the secondary compression settlement can be as important as the 

primary consolidation. Therefore, the secondary compression requires special 

consideration when determining geotechnical properties. Differential settlement 

which may occur between approach embankments and bridges is always of important 

concern.  

 

Limit of undrained strength 

According to guidelines for ground improvement using stone columns, the method 

should be restricted to soils with a minimum undrained shear strength uc  of 15 kPa, 

see Forschungsgesellschaft für das Straβenwesen (1976) and NHBC (1988). 

However, since the guidelines for this method were developed, the use of the 

technique has already expanded and the equipment has improved in order to enable 

safe installation of columns in very soft soils. In such cases, soil improvement is 

often achieved by drainage rather than by reinforcement (Priebe, 2005). There are 

reported cases where stone columns were successfully installed in soils with an 

undrained shear strength as low as 5 kPa, see Raju (1997) and Raju et al. (2004). It 

should be noted that the treatment of extremely soft soils requires the utmost care 

and it is not sufficient to consider the undisturbed strength of cohesive soil alone.  

 

Sensitivity 

The sensitivity of the soil to disturbance, tS , is an important design consideration 

and is defined as follows: 
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remouldedu

dundisturbeu
t

c

c
S =  

        (3.1) 

where 
dundisturbeuc and 

remouldeduc   are the undrained cohesion of the undisturbed 

soil with its natural structure (bonding) intact and of the remoulded soil, e.g. soil 

where the natural structure has been destroyed, respectively. 

 Lightly over-consolidated clays are likely to be sensitive; for example widely 

investigated Scandinavian and Canadian quick clays have sensitivity values around 

150, see Rankka et al. (2004). Vibrations during column installation can cause 

significant loss of strength in very soft soils and impact the trafficability of sites, 

adjacent structures and slope stability, McCabe et al. (2007). 

 

Plasticity index 

The installation of stone columns in soils with a high plasticity index pI  might 

improve such soils but it will not control swelling and shrinkage behaviour. As the 

volume change of the soil in terms of swelling potential is described by the plasticity 

index, pI , the UK National House Building Council suggests that stone columns 

should not be used when pI > 40% see NHBC (1988).  

 

3.2. Design considerations  

 

While considering the design and execution of stone columns, every engineer should 

remember that some design steps should be distinguished: 

1. Site investigation; information regarding the type of soil, physical and 

geotechnical properties (such as compressibility, consistency limits, 

undrained shear strength, sensitivity, relative density, degree of saturation or 
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permeation), location/extent of peat, organic soils or biodegradable fill, 

comprise the basic data which are very important for design purposes. 

2. Requirements of ground improvement; it should be established what 

settlement, level of safety, etc. are allowable in the project. Information on 

the type of foundation and the total loads are necessary to enable correct 

design of the stone column treatment.  

3. Predicted improvement; calculations of the predicted improvement factor, 

settlement improvement factor or compressibility of the column should be 

performed at this stage. 

4. Stone columns scheme; effective design requires the selection of the proper 

grid spacing, column diameter and type of backfill. Along with and strict 

consistency in the installation method, these are the elements which have a 

significant influence on the degree of improvement which may be achieved. 

5. Testing criteria; As part of the design of stone columns a Production 

Monitoring and Quality Control procedure should be established, see Priebe 

(1995). 

Stone columns transfer some load to the soil by shear stress along the column-

soil interface and some by end bearing at the column base. One of the load transfer 

mechanisms (unless the granular columns are very short) is lateral bulging of the 

column towards the surrounding soil. At a depth more than two to three times the 

diameter of the stone column, the bulging of the column no longer occurs, according 

to Murugesan & Rajagopal (2006). The behaviour of the column under load is 

dictated by the passive resistance of the soil. Different trends of the bulging 

mechanism can be found when the stone columns are constructed beneath wide and 

small foundations according to Kirsch (2004). In Figure 3.3 the expected extent of 

the surface settlement and bulging for footings and embankments is presented. One 
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can see that stone columns close to the centreline (either of the footing, or of the 

embankment) experience lateral bulging in the lower part of the column, whereas 

columns near to the edge (of the footing or next to the toe of embankment) bulge 

closer to the top of  the column.  

This thesis aims to investigate the deformation patterns of floating stone 

columns underneath an embankment using the three-dimensional finite element 

method and results of the analyses are presented in Chapter 4. 

 

 

 

 

Figure 3.3: The bulging failure mechanism for stone columns under different foundation types  

(after: Kirsch, 2004). 
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3.2.1. Review of selected design approaches 

 

The design of stone columns can be separated into bearing capacity and settlement 

calculations. There are several ways of designing stone columns. The most common 

method of design of the column for bearing capacity follows the ideas proposed by 

Baumann & Bauer (1974) and Hughes & Withers (1974). For settlement 

calculations, Priebe’s approach (1995) is extensively used in Europe, with Baumann 

& Bauer (1974) as an alternative. However, the latter is believed to give predictions 

which are not as good as Priebe’s method (Priebe, 1995) and has a weaker theoretical 

basis for clays, according to McCabe et al. (2007).  

In the US the design method of Goughnour & Bayuk (1979) is usually used, 

which is an extension of the work presented by Hughes & Withers (1974) and 

Baumann & Bauer (1974). The incremental method (as it is sometimes called) 

requires consideration of the unit cell along with an incremental, iterative, elasto-

plastic solution. This method is common practice in the US despite the fact that it is a 

much more complex approach than the Priebe method and the necessary parameters 

are not easy to obtain from routine site investigations. 

The continuous development of constitutive modelling, in conjunction with the 

Finite Element (FE) method, offers new opportunities to simulate stone column 

foundations. The ground improvement scheme may be modelled in unison with the 

slab or foundation, which is one of the most important advantages of using FE 

methods, thus it is very useful in parametric studies and in design optimization. 

 

Method based on Cylindrical Cavity Expansion Theory  

Cylindrical Cavity Expansion Theory (CCET) is an approach which is applied in 

many geotechnical problems, such as interpretation of the pressuremeter test or 
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modelling the bulging effect, see Wroth (1984). It is based on the assumptions of a 

unit cell approach where the complex soil-columns systems is reproduced by an 

axisymmetric model with one column and the surrounding soil.  

Pioneering laboratory studies on sand columns constructed in clay were 

presented by Hughes & Withers (1974). Their work was based on CCET and 

considered a cylindrical chamber in which deformations within and outside the 

columns were observed. By tracing the superposition of the radiographs of lead shot 

markers, the displacements in the column and in the surrounding soil mass were 

measured. One should note that Hughes & Withers (1974) considered the loading on 

a single column, without the loading of the surrounding soil. The load-displacement 

relations were determined separately for both the column and the surrounding 

unimproved soil to allow for superposition in order to calculate the total load-

displacement behaviour of the improved soil. However, Hughes & Withers (1974) 

assumed equal displacement for both the column and the soil. Moreover, the 

principle of superposition is only valid if considered materials are assumed to be 

elastic. 

The predicted ultimate vertical stress in the stone column can be described as 

follows: 

 
)4(

'sin1

'sin1 '

uro cq +
−

+
= σ

ϕ

ϕ
 

        (3.2) 

where 'ϕ  is the friction angle of the column, '

roσ  is the free-field lateral effective 

stress and uc  is the undrained cohesion. This equation steams from studies on the 

field records of quick expansion pressumeter tests and it is widely used in practice to 

this day.  

An analytical and relatively simple approach for granular columns has been 

proposed by Balaam & Booker (1981). The equivalent cylindrical unit (following the 
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Cylindrical Cavity Expansion Theory) with the stone column and the surrounding 

soil is approximated by assigning to them the corresponding Poisson’s ratios and 

elastic moduli. It is assumed that the stone column and the surrounding soil will 

respond to the same vertical strain and that the horizontal stresses in the soil are 

equal to the horizontal stresses in the column. Balaam & Booker (1981) concluded 

that the errors arising from the assumption of the equivalent circular area for 

calculations are negligible. 

The approach has been extended to take account of confined yielding of the 

frictional material of the column by Balaam & Booker (1985).  The analytical 

solution is created separately for the clay and the stone column by developing a set of 

equations concerning both materials. The clay and granular material are assumed to 

be  perfectly elasto-plastic dilatant solid satisfying the Mohr-Coulomb yield criterion 

with non-associated flow rule. Then, the complete solution may be found using the 

continuity of the lateral normal stresses and displacements at the soil-column 

interface. Additionally, the shear stresses at the bottom of the soil-column interface 

are neglected. This enables time-dependency in the settlement calculations to be 

taken into account and, in addition, is validated against the FE results with very good 

agreement according to Balaam & Booker (1985).   A major drawback of the method 

is that it can be applied for only one soil layer improved by an end-bearing stone 

column. Moreover, due to assumption about rigid boundary, this solution provides 

additional lateral confinement, which may result in under-predictions of the 

anticipated settlement and bearing capacity values.  

 

Baumann & Bauer’s approach 

The mathematical solution for the immediate, consolidation and total settlement 

estimation has been proposed by Baumann & Bauer (1974) for soils improved with 
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stone columns soil under the certain load conditions. The method relates the shear 

strength of the untreated ground to the bearing capacity of the improved soil. The 

estimation of both the immediate settlement and the consolidation settlement is 

achieved. The settlement of the column and the immediate settlement of the 

untreated soil are calculated based on the lateral deformation (bulging) of the stone 

column due to the pressure difference between the soil and the column. Following 

that, an assumption of the constant modulus of deformation of the stone column with 

regard to the depth and horizontal extent is made. Then, the ratio between the bearing 

stress on the column and on the untreated soil is used to obtain the immediate 

settlement as a function of the modulus of deformation of the untreated soil and 

column, and the ratio between the foundation area and the column diameter. The 

approach of Baumann & Bauer (1974) is still sometimes used by European 

engineers, but the method seems to give worse results in comparison with the real 

case data than the idea proposed by Priebe (1995), according to Slocombe (2001).  

 

Priebe’s method 

The most common method of estimating post-treatment settlement of stone columns 

in Europe is the approach proposed by Priebe (1995). This method is based upon 

Cylindrical Cavity Expansion Theory and although it is applicable to an infinite array 

of columns and has some empiricism in its development, it is found to work 

reasonably well for most applications. 

Priebe (1995 & 2005) considers a unit cell with area A with a single column and 

surrounding soil with cross sections ASC and AS, respectively (see Figure 3.4). Some 

idealisation of the column conditions is assumed. Therefore, the bulk density of the 

column is ignored and the granular material of the column itself is considered as 
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incompressible. Moreover, this method does not include the dilatancy of the granular 

material into consideration. 

  
 

       
 

Figure 3.4: The definition of the unit cell and column area in triangular and square grid. 

 

In the case of end-bearing stone columns, it is assumed that the column is 

founded on a rigid layer and that a failure in the end-bearing cannot take place. Any 

settlement of the load results in the bulging of the column, which remains constant 

over its entire length. Additionally, an assumption that the column material shears 

from the beginning and that the surrounding soil reacts elastically is needed. 

Furthermore, the soil is assumed to be displaced during installation of granular 

column to such an extent that the hydrostatic stresses develop and the initial 

resistance of soil corresponds to the liquid state. This idea has been replicated in 

many numerical simulations (e.g. Gäb et al. 2008 or Castro & Karstunen 2010) and 

the coefficient of earth pressure of the surrounding soil is assumed as 0K  = 1. This 

value is within the range proposed by other researches, see Elkasabgy (2005) and 

Elshazly et al. (2006), who back-calculated the coefficient of earth pressure of the 
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surrounding soil from several full scale load tests performed on stone columns within 

a few extended arrays of columns.  

 

 

Figure 3.5: Load distribution for an end-bearing stone column. 

 

By incorporating all of the assumptions above, Priebe (1995) derived a final 

improvement factor, which is assumed for settlement calculations. For estimation of 

the bearing capacity of the footing, a fictitious width is calculated using the actual 

footing width, and the angles of friction of the improved soil below the footing and 

of the surrounding untreated soil. In the case of ground failure, a fictitious footing 

will develop the same line of sliding outside of the improved area as the actual 

footing under actual conditions. The bearing capacity for a fictitious width of footing 

can be determined by the proportion of the fictitious footing width and failure width 

outside the footing by using the angle of friction of the untreated soil and an 

averaged cohesion. For more complicated soil profiles (with several soil layers) the 

shear values change with depth. Thus, the determination of bearing capacity is more 

complicated as the fictitious footing width used for calculations should be changed at 
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each layer. For a practical solution, the safety against ground failure and the 

maximum depths of the ground failure lines are proposed, see Priebe (1995).  

For the case when floating stone columns are considered, the columns are not 

suitable to bear concentrated loads and at the boundary between the column and 

underlying soil balancing of stress and strain occurs. Balancing of stress and strain 

takes place in the upper improved layer and in the soil below the treatment, 

respectively. To design a floating column in soft soil, an assumption that the stress 

balancing takes place solely either in the upper treated zone or in the underlying zone 

below should be made by Priebe (2005). The treated zone can be divided into a zone 

with full effectiveness of the stone column and a transitional zone, as shown in 

Figure 3.6.a.  

In the zone of full effectiveness of the column the stress distribution between 

the soil and column is derived from conventional calculations similar to the case of 

end-bearing columns, such as with proportional load on the column. At the bottom of 

the transitional zone, using the assumption based on dismissing the unit weight of 

column and soil, a certain uniform stress p exists, see Figure 3.6a. The differential 

load, defined for the top and bottom of the transitional zone, is transferred from the 

column to the soil by shear resistance. The height of the transitional zone is defined 

as a ratio between the differential load and the shear resistance. As it is assumed that 

the improvement decreases in a linear manner with depth, the settlement of the 

transitional zone should be calculated using a reduced average improvement factor.  

In the untreated underlying zone, the load acting on the stone column is 

assumed to be transferred down the full thickness of the treated layer, as shown in 

Figure 3.6b. Therefore, the column is compressing the underlying soil with an 

increased load which results in a depression. The depression caused by a single 
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column in the underlying soil might be compared with the settlement of a circular 

footing and thus calculated accordingly.  

 

 

a) 

 

 

 

b) 

 Figure 3.6: Vertical stress distribution with stress equalisation for floating stone column in:  

a) upper treated layer and b) substratum (after: Priebe, 2005). 
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It is not a necessity to calculate the settlement using the difference between the 

column and the soil pressures, as the settlement can be determined using the total 

proportional load of the column and the depth of influence. The first, depends on the 

area ratio and the improvement factor, and the latter is defined as the depth where the 

pressure decreases by load distribution to the value p , see Figure 3.6b.  

 

Approach by Etezad et al. 

To estimate the bearing capacity of a single column and a group of columns, the 

method presented by Etezad et al. (2006) can be used. The theoretical model is based 

on failure mechanisms, which have been determined from a combination of Finite 

Element analyses and experimental data. The ultimate bearing capacity of the soil 

improved with stone columns consists of three components: the bearing capacity 

related to the unit weight of the soil, to the stone column material and to the loading 

applied. For each element of the ultimate bearing capacity, the chart for an equivalent 

angle of friction is prepared. The results presented by Etezad et al. (2006) for the 

Mohr-Coulomb constitutive model are in good agreement with the theoretical 

method proposed by Etezad et al. (2006) and give a good approximation of the 

expected ultimate bearing capacity range.  

 

Method by Castro & Sagaseta 

Castro & Sagaseta (2009) proposed recently an analytical solution in order to 

calculate the settlements after undrained loading and consolidation process, and at 

the final stages. This method is an extension of previous approaches and considers 

the radial consolidation around end-bearing stone columns under constant loading. 

The column is assumed to behave in an elastic-perfectly plastic manner and was 

described by the Mohr-Coulomb yield criterion combined with a non-associated 
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plastic flow with a constant dilatancy. The soil material, however, is considered as an 

elastic material. To account for the deformation of the column the equivalent 

coefficients of consolidation are used, and a few calculation steps have to be 

considered. First, it should be considered that the soil mass and the column behave in 

an elastic manner and that the consolidation process starts from the elastic solution 

proposed by Balaam & Booker (1981) for undrained loading. Next, it is assumed that 

the column deforms in a plastic manner during both undrained loading and 

consolidation, until the final stage is reached. It has been demonstrated by Castro & 

Sagaseta (2009) that this solution is in good agreement with some existing semi-

empirical methods, such as Priebe (1995), and can be relatively easily utilised for the 

calculations of a grid of end-bearing stone columns constructed underneath an 

embankment. However, this solution does not account for non-linearity of 

constituents. Moreover, this solution does not consider any smear zones around stone 

columns as a result of column installation.   

 

3.3. Previous studies on stone columns 

 

Research on stone columns started with the granular columns themselves, first as 

experimental tests and nowadays increasingly with computer simulation. The 

numerical modelling will be discussed later in this chapter, but first a brief summary 

of the experimental research which has been carried out in recent years is given.  

Single or singular gravity (1g) model tests are very popular amongst 

geotechnical engineers, however, one should not forget about some shortcomings 

associated with this type of test. One of the greatest drawbacks of 1g model tests is 

the fact that the soil mass used for such studies is always a reconstituted material, 

which is in contrast to the real in-situ situation. Also, as tests are performed under 1g 
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conditions, the stress level achieved during studies does not represent the stress level 

of the soil material found in-situ, where behaviour is highly non-linear and stress 

dependent. Hence, the frictional nature of the column and the soil is largely ignored. 

If used for the investigation of stone column foundations, there are also some 

concerns about the column installation methods when conducting singular gravity 

model tests. In most cases the stone columns are constructed by filling pre-bored 

holes with granular material which is compacted in layers. Hence, no densification of 

the surrounding soil mass as a result of vibrations during insertion of the poker into 

the ground, is considered, see e.g. Sivakumar et al. (2010). 

Comprehensive 1g laboratory model tests on large groups of stone columns 

installed in kaolin were carried out at the University of Glasgow by Muir Wood et al. 

(2000). Model stone columns have been created using a replacement technique by 

inserting an auger into the clay (in order to form a cavity), followed by pouring sand 

material into the hole during removal of the lining. Muir Wood et al. (2000) reported 

that the pre-failure mechanisms and failure modes of a group consisting of a few 

columns is different from those of a single stone column. Muir Wood and his co-

workers proved that the bearing capacity significantly increases in cases where the 

area replacement ratio (defined as AASC / ) is greater than or equal to 25 %.  

Furthermore, they concluded that the area replacement ratio influences the extent of 

column interaction, the load sharing between the columns and the surrounding soil 

and the depth of the failure wedge. The majority of the failure mechanisms occurred 

within the region directly beneath the foundation. Figure 3.7 shows photographs of 

the cavities left by the sand columns, which were subsequently filled with gypsum 

(for imaging purposes) at the end of a footing penetration test and for the cases where 

LSC/DSC  is equal to 9 and 14.5, respectively (where LSC is the column length and DSC 

is the column diameter). The red dotted line indicates the original level of the 
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columns base. A four-part failure mechanism scheme was proposed by Muir Wood et 

al. (2000), including the areas with no deformation, with plastic deformation and 

failure modes, and the region where the soil provides the lateral support to the failure 

wedge underneath the footing, see Figure 3.8. As a final part, the ‘extension’ zone 

mechanism is distinguished. 

 

 

 

 

 

a) b)  

Figure 3.7: Deformed sand columns exhumed at the end of footing penetration with LSC/DSC equal to: 

a) 9 b) 14.5 (Muir Wood et al., 2000). 

 

 

Figure 3.8: Four-zone failure mechanism for a group of stone columns  

(Muir Wood et al., 2000). 
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A transparent medium with ‘clay-like’ properties was used in the research 

conducted under 1g by McKelvey et al. (2004). The digital photographs taken during 

the loading of floating columns underneath the foundation were analysed. The 

optimum column aspect ratio, defined as SCSC DL / , was found to be six times the 

diameter of the stone column SCD . Columns longer than this value appeared not to 

increase the load-carrying capacity, which might suggest that the length beyond this 

value may be more significant in terms of reducing of settlements. Moreover, it was 

proven by McKelvey et al. (2004) that in ‘short’ columns (where 
SCSC DL /  = 6) 

punching took place at the bottom and bulging occurs over the entire length of the 

columns. In the case of ‘long’ columns (where SCSC DL /  = 10), bulging was found in 

the upper area only whereas the base of the stone columns remained undeformed.  

During centrifuge modelling a 1/N scale model is subject to gravitational 

acceleration of Ng. If, during a test, the same soil material as found on site is used 

and the self-weight stress distribution is the same as in-situ, the experimental model 

experiences the same stress-strain behaviour as the in-situ model. However, a major 

drawback of centrifuge modelling, as in the case of 1g tests, is the fact that the soil 

used for modelling is reconstituted. There are also major concerns regarding scaling 

effects, which in most cases are unavoidable, given the model size limitations and the 

restrictions in tool design and manufacturing.  

In the past extensive centrifuge modelling has been carried out for studies of 

behaviour of the soft soil deposits, the stability of embankments and consolidation 

process, see amongst others e.g. Davies (1981), Springman (1984) or Bolton & 

Sharma (1994). Many research projects have also been carried out on stone column 

foundations, however the column installation techniques in centrifuge modelling 

remain problematic as most of them do not simulate the disturbance of the 
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surrounding soil due to installation of the stone column. Shinsha et al. (1991) 

conducted an investigation into the influence of the stone columns on the 

embankment performance, filling pre-bored holes with column material. Huat & 

Craig (1994) and Lee et al. (2001) used a frozen column method in order to install 

in-flight columns in their studies, and Pooley et al. (2009) used a metal tube which 

was driven radially outwards, withdrawn and re-inserted incrementally to allow for 

column compaction. As mentioned by Pooley et al. (2009), the scaling effect may be 

significant during both column installation and the test, especially if the ratio 

between the material particle size and the column installation tool size is low.  

The study conducted by Weber (2007) and Weber et al. (2010) considered 

physical modelling including a post-test experiment and image processing of the in-

flight installation of the stone columns constructed in soft soils. Installation of the 

columns considered insertion, withdrawn and re-insertion of the metal tube and 

studies of the radial compression during column installation by the compaction of the 

granular material in excavated cavity were performed. Moreover, the parametric 

study by Weber (2007) and Weber et al. (2010) resulted in the identification of 

various zones around the installed stone column, as the smear zone analysis was 

conducted at a particle scale. The change in the porosity and density of the 

surrounding soil is determined. An influence zone with higher density and lower 

porosity than greenfield soil was measured up to 2..2.5 times the diameter of the 

column.  

Over the past decades field studies have been utilised for various analyses of 

foundation behaviour, such as settlement performance or the bearing capacity of 

stone columns, see amongst others Barskldale & Bachus (1983), Greenwood (1990), 

Raju (1997), Van Impe (2001) or Kirsch (2004). Field trials have also been used for 

studies of new applications of stone columns in order to achieve sustainable 
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engineering solutions, such as the use of recycled railway ballast or recycled crushed 

concrete for column material as described by Serridge (2005). However, there are 

some drawbacks associated with field studies. First and foremost, field studies 

consider only specific configurations of stone columns. Therefore, the results are 

limited to only a specific type/configuration of stone columns application. Secondly, 

in many cases there is a lack of site investigation data available and a reliable 

interpretation of the field trial results is impossible. Moreover, the repetitiveness of 

field studies is greatly restrained by logistics and economics.  One of the well known 

examples calling for repeated engineering investigation is a study conducted by 

McKenna et al. (1975), where a trial embankment was constructed to study the 

effectiveness of stone columns in reducing settlements in soft soil deposits. Little 

increase in the excess pore water pressure values during construction of the stone 

columns was recorded by piezometers and no difference between the untreated and 

improved zone in terms of displacement values and the settlement rate were 

measured by rod settlement gauges. Monitoring devices registered greater 

settlements in sand and silt below the columns than in the clayey alluvium layer, 

during construction and for some part of the serviceability period. McKenna et al. 

(1975) reported no effect on the reduction of the settlement, which caused great 

discussion in the geotechnical society. Various explanations for the situation 

occurred have been proposed: from an effect of the granular material being too 

coarse and the presence of slurry resulting in preventing the drainage through 

columns, to the comment on the transfer of the stresses down the stone columns as 

they performed as friction piles punched into clay, see Greenwood (1991).  

The laboratory and field studies form the foundation for numerical studies and 

for the development of the constitutive modelling. However, the numerical studies 

are less time consuming and less expensive than elaborate experimental 
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investigations. Numerical studies allow for comprehensive studies in a relatively 

more economic and faster way than traditional experimental/field research.  

 

3.3.1. Modelling of stone columns  

 

The complexity of the modelling of the three-dimensional behaviour of a soil 

improved with stone columns has resulted in many approximate solutions in 

numerical modelling. As a consequence of those attempts four major streams can be 

distinguished: 

a) unit cell approximation (2D axisymmetric approach), 

b) 2D plane strain approach, 

c) volume averaging techniques (3D problem solved using 2D finite element 

methods), 

d) 3D finite element methods. 

In the unit cell approach the soil improved with stone columns is analysed in 

terms of a representative unit cell with the column placed in the centre, as suggested 

by Hughes & Withers (1974), Balaam & Booker (1981 & 1985), Priebe (1995 & 

2005). The dimensions of the representative unit cell depend on the column 

arrangement and spacing, see Figure 3.9. The domain of influence of the column in 

each arrangement has a different shape, from triangular to hexagonal and is 

approximated area of an equivalent circle. There is one major disadvantage of this 

method; it can only be used where the loads are applied in a vertical direction. 

Therefore, when that is not applicable other solutions should be used, such as 

homogenization techniques and the finite element method. More importantly, the 

method can only be applied to large groups of columns. 
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Figure 3.9: Domains of influence for particular stone column arrangements  

(Balaam & Booker, 1981). 

 

In the 2D plane strain approach stone columns are represented by continuous 

walls with an equivalent thickness by keeping the same area ratio of the ground 

improvement and walls, as proposed by Van Impe & De Beer (1983) and Barksdale 

& Bachus (1983). In this method, a constant volume deformation is assumed. The 

self-weight of both the column and the soil, and the shear stresses between the 

column and surrounding soil are neglected. Bergado & Long (1994) proposed, in 

addition to the assumptions made by Van Impe & De Beer (1983) and Barksdale & 

Bachus (1983), that the spacing between the granular walls should be kept the same 

as for the stone columns, and that the wall thickness should be calculated as a 

proportion of the area and the spacing of the columns. Therefore, a need for 
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adjustments of the modelling to account for geometrical changes has been 

recognised. Nevertheless, as discussed by Castro & Sagaseta (2010), the equivalent 

column stiffness and the equivalent permeability are of significant importance when 

considering the correct modelling of the lateral deformations and the consolidation 

process. Moreover, effects of the stone column installation and smear zone should be 

also taken into account, as mentioned by Weber et al. (2009).  

In the volume averaging technique the soil reinforced by the stone columns is 

treated as a composite material. In the simplest volume averaging approach (so-

called homogenisation) the stress-strain response of the composite is defined and the 

behaviour of the soil-column block under the applied loading is studied. This 

approach was first applied under axisymmetric conditions by Mitchell & Huber 

(1985), where the soil treated by the stone columns was ‘wished-in-place’ using 

cylindrical rings with the same area ratio without considering any installation effects, 

see Figure 3.10. However, this approach does not differentiate between the stiffness 

of the two constituents, the column and the surrounding soil, and the highly non-

linear and stress dependent behaviour of soft clays and the column is not taken into 

account.  

 

           

Figure 3.10: Actual and transformed view of the stone column foundation using cylindrical ring 

approach (Mitchell & Huber, 1985). 
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A more sophisticated version of volume averaging method was proposed by 

Schweiger (1989) and Schweiger & Pande (1988 &1989), in which an equivalent 

material stiffness matrix from the individual stiffness matrices of the two constituents 

and their respective volume fractions was developed. Later, Lee (1993) and Lee & 

Pande (1998) presented a method where the correction of the stress/strain difference 

was proposed by adding the stress/strain difference into granular material which is 

contrast to in-situ situation. Vogler (2008) utilised the volume averaging technique to 

deep-mixing method and validated his results by comparative 3D FE simulations. 

Although Vogler (2008) only considered cement columns, the method could also be 

used for stone columns. This method takes account of the non-linearity of 

constituents by using an elasto-plastic advanced constitutive model for both the soil 

and the column materials. For the case of an embankment, the results of three-

dimensional FE simulations showed a good match with the proposed volume average 

technique in terms of settlement and stress distribution predictions. Nevertheless, in  

case of a footing for two or three columns per symmetric cross-section the volume 

averaging approach is able to predict global behaviour, but when compared with 

conventional 2D numerical analysis no match has been found. As a result, the 

volume averaging method developed by Vogler (2008) is limited to studies on the 

stress-strain response of a group of columns, as this approach is not suitable for the 

investigation of the behaviour of a single column. Moreover, proposed by Vogler 

(2008) method is not capable to account for installation effects and column bulging. 
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3.3.2. Finite element studies of stone columns  

 

In this section some selected finite element studies of stone column foundations 

are briefly described. The studies presented here are reviewed by type of simulation 

(2D plane strain, 2D axisymmetic and 3D), rather than chronologically. A short 

summary of selected finite element analyses is presented in form of a table, see Table 

3.2. 

A comparison between numerical predictions and analytical methods has been 

presented by Wehr & Herle (2006) for an embankment constructed on fine-grained 

soil improved with floating stone columns. Plane strain analysis was performed using 

PLAXIS 2D software, applying elasto-perfectly plastic Mohr-Coulomb model for 

both soil and granular column material without any consideration of material non-

linearity or stress-dependence, see Table 3.2. Continuous stone walls are used in the 

simulations, replacing isolated stone columns, with the restriction that the volume of 

the improved soil should remain unchanged. For analytical methods, authors have 

considered Priebe’s approach (1995) to estimate the final settlements and the Balaam 

& Booker method (1981) to calculate time-dependent settlement. Wehr & Herle 

(2006) concluded that a simple analytical procedure might be more preferable to the 

complex numerical analysis as the analytical methods and the numerical predictions 

resulted in a close match both at the centreline and the crest of an embankment. That 

may be true for this particular case, however, the FE method gives some additional 

benefits, such as the prediction of horizontal displacements and distribution of an 

incremental shear strain in each calculation step. 
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Table 3.2: Summary of selected FE studies on stone columns presented in thesis. 
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study 

Consolidation  •     • • • 

Class A predictions         

Benchmark •  •  •     • • 

Type of 

calculation 

Back-calculation    •  ? • •  

Axisymmetry •  •  •  •     • 2D 

Plane strain      •   

Type of 
simulation 

3D     •  •  

Single •  •  •  •     • Type of 
columns 

Group   •  •  • • •  

Floating     • • •  Length of 
columns 

End-bearing •  •  •  •     • 

Wished-in-place •  •  •  •  • • •  

Coefficient of earth 
pressure increased 

   •    • • 

Densification       •  

Column 
installation 

Cavity expansion        • 

Uniform •  •  •  •      Type of 

loading 

Other     • • •  

Standard •  •  •  •   • •  Constitutive 
model used 

Advanced     •  • • 
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A comprehensive study on the behaviour of end-bearing stone columns 

conducted by Poorooshasb & Meyerhof (1997) is a milestone in the parametric study 

on the influence of factors, such as the column spacing, the soil properties or the 

changes in-situ stresses caused by the installation technique and compaction of the 

granular material. Poorooshasb & Meyerhof (1997) concluded after their 2D 

axisymmetric study, that the greatest influence on the performance of stone column 

foundations has the column spacing and the compaction of the granular material. The 

latter, in turn, results in changes of the stone column strength, stiffness and dilatation 

characteristics. Additionally, based on the assessment of the initial stresses in the 

surrounding soil, design charts regarding the performance ratio were produced for 

standard stone columns, stone columns of lower stiffness (than standard) and for 

floating stone columns stiffer than standard. However, in the analyses were not able 

to account for the shear stresses produced at the bottom of soil-column block, which 

was represented by simple linear Mohr-Coulomb model.  

The influence of several factors, such as the applied load, the area replacement 

factor, the friction angle of the granular material or the effect of the undrained shear 

strength of the surrounding soil on predicted horizontal displacements, have been 

described by Andreou & Papadopoulos (2006). The conversion of an axisymmetric 

unit cell with end-bearing stone column was created and simple Mohr-Coulomb 

elastic-perfectly plastic model wass assigned to both, the granular material and the 

surrounding soil, not taking account of the non-linearity or undrained behaviour of 

the material, see Table 3.2. Only one arrangement of columns was considered in 

simulations, but 5 different load levels and 4 different replacement factors were 

investigated. The friction angles of columns varied from 38˚ to 44˚. As confirmed by 

other studies, the upper part of the stone column tends to experience bulging failure, 

see Ambily & Gandhi (2007). Moreover, in the deeper part of the soil layer and at 



Chapter 3                                                                 Stone columns installed in soft soil 

____________________________________________________________________ 

105 

low applied load, column bulging is less pronounced. However, in the case of 

increased applied load, the column material tends to move towards the surrounding 

soil. Furthermore, Andreou & Papadopoulos (2006) concluded that the higher the 

value of the friction angle and the area replacement factor, the smaller the plastic 

zone becomes and the bulging is more limited. In addition, the influence of the 

undrained shear strength of the surrounding soil seems to be negligible as the 

horizontal displacements remained unchanged during the simulations as an effect of 

the applied linear Mohr-Coulomb model. Therefore, it should be noted that this 

simple elastic-perfectly plastic formulation does not account for the non-linearity of 

the soil, the stress dependency or the directional-dependent stiffness of the material.  

Drained axisymmetric unit cell finite element analyses using 2D PLAXIS 

software were performed by Ambily & Gandhi (2007) to study the drained behaviour 

of end-bearing columns: both single and in a group of seven. For both soft clay and 

granular material the Mohr-Coulomb model was used, see Table 3.2. Between the 

column and soft soil no interface element was applied as the column deforms mainly 

by radial bulging and significant shear is not possible.  For the group of columns, the 

surrounding columns were replaced with a ring following the idea by Mitchell & 

Huber (1985). The numerical studies presented by Ambily & Gandhi (2007) are not 

capable of taking into account the non-linearity and stress dependency of the soil and 

the column. In addition, the impact of spacing between the columns, the angle of 

friction of the granular material and the shear strength of the soft clay were studied 

and good agreement between numerical modelling and experimental results was 

shown. Two types of loading were used to check the influence of the loading 

conditions; at the beginning only the column area was loaded and then the entire area 

was subjected to loading. Ambily & Gandhi (2007) suggested that if the ratio 

SCSC DS /  reached or exceeded the value of 3, the change in the deformation is 
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negligible for the predictions of the settlement. It was found that the settlement 

reduction ratio rs  (defined as an inverse of Priebe’s improvement factor n) depends 

mostly on the centre-to-centre column spacing and the friction angle of the 

surrounding soil. Ambily & Gandhi (2007) concluded that the shear strength of the 

adjacent soil has no influence on the stiffness improvement factor, which is described 

as the ratio between the stiffness of treated and untreated soil.  

 A series of simulations of flexible foundations supported by end-bearing stone 

columns were conducted by Elshazly et al. (2008A) using 2D axisymmetric finite 

element analyses. According to Elshazly et al. (2008A) the rate of improvement 

decreased as the foundation size increased. In order to take account of the installation 

of stone columns, the post-installation soil parameters and the load-settlement 

records for full-scale field load tests were used to back-calculate the post-installation 

earth pressure coefficient and then adopted for numerical simulations, see Table 3.2. 

The experience of Elshazly et al. (2006), based on literature studies, indicates that a 

slight improvement may occur up to a distance of 6 m from the vibrator during the 

stone column installation sequence. Evidently, the extent of this improvement 

depends on soil properties, especially the void ratio. Soils with lower values of void 

ratio will experience more effective improvement than those with higher value of 

void ratio.  The procedure proposed by Elshazly et al. (2008A), although effective, 

cannot easily be applied in practice due to limitations in availability of post-

installation tests. The experience gained from one site cannot be directly transferred 

to another project, as installation effects depend on site specific conditions, such as 

ground, loading, ground improvement type and others.  

The effect of column spacing on the stress response due to end-bearing stone 

column installation under a shallow foundation was investigated by Elshazly et al. 

(2008B), see Table 3.2. The paper presents both experimental and numerical 
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modelling of stress state alterations using a coupled finite element elasto-plastic 

model, which accounts for time-dependent soil deformations (namely the Hardening 

Soil model). Three different spacing patterns and columns lengths were studied. 

Different spacing patters were idealised using ‘wished-in-place’ single column 

surrounded by concentric rings with adequate width and granular material applied in 

axisymmetry conditions, similar to the idea proposed by Mitchell & Huber (1985). 

The effects of stone column installation were taken into account by applying the 

post-installation earth pressure coefficient, as defined by Elshazly et al. (2008A). 

This study can be used as a guide for engineers to estimate the optimum design for 

similar soil-column systems. However, again it requires derivation of post-

installation material parameters to account for any changes in the soil properties 

caused by vibrations during installation process, and the knowledge about the 

settlement response; only then the post-installation horizontal to vertical stress ratio 

*K  can be back- calculated.  

A full understanding and reproduction in numerical simulations of the 

installation effects for both the end-bearing and the floating stone columns is a very 

challenging task. So far, only the installation process of end-bearing stone columns 

has been simulated successfully by Castro & Karstunen (2010) by simulating 

cylindrical cavity expansion with 2D FE analyses in combination with the advanced 

constitutive model, S-CLAY1S (for model details see Chapter 2), see Table 3.2. 

However, the installation process of floating granular column seems to be more 

challenging to model due to the presence of competent soil layers below the 

column’s base and its representation in the geometry model in FE software.  

The results from numerical modelling compared with the experimental data on 

an embankment site in Kuala Lumpur regarding the stress distribution between 

floating stone column material and surrounding soil have been presented by Kirsch 
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& Sondermann (2003). A three-dimensional numerical analysis was performed using 

the Drucker-Prager yield criterion with a non-associated flow rule. Estimation of the 

ratio between the actual and the necessary shear strengths enabled the calculation of 

the factor of safety to be determined. The comparison of both the analytical and 

numerical results led Kirch & Sondermann (2003) to the conclusion that the complex 

load bearing system can be designed by engineers using analytical semi-empirical 

solutions (such as Priebe, 1995) or the numerical modelling. However, no 

information regarding how the stone column material was modelled (as undrained or 

drained material) was given by Kirsch & Sondermann (2003). Additionally, it is not 

clear from the paper whether the stiffness parameters used for the simulations were 

defined as part of desk study or of they were back-calculated from field 

measurements. 

An attempt to simulate of stone columns performance at an Austrian field trial 

in Klagenfurt by means of more advanced constitutive models for both floating stone 

columns and soil matrix was described by Gäb et al. (2008), see Table 3.2. The study 

focused on the comparison of measured and predicted settlements and excess pore 

water pressures with different constitutive models simulating the soft deposits. 

Beneath an embankment floating stone columns were installed in soft Lacustrine clay 

(clayey silt) overlaid by loose to medium dense sand. The ground water table was 

found at depth of approximately 3 m, but the water level changes according to 

seasonal variation. The site was well instrumented with multilevel piezometers and 

extensiometers, and some CPT and dynamic probing tests were performed, see Gäb 

et al. (2007). Numerical simulations of that case study were performed using  

PLAXIS 3D Foundation software, considering only a representative slice of the full 

three-dimensional geometry. For the granular material of the stone columns the 

Hardening Soil models was applied and various constitutive models were used to 
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simulate soft deposits: the Hardening Soil model, the HS-Small model (which 

accounts for the effect of small strain stiffness), the isotropic Modified Cam Clay and 

its anisotropic extension S-CLAY1 (see Chapter 2). The stone columns were 

‘wished-in-place’ and the installation effects were generally not considered. 

However, as the densification of the shallow layer of sand was proven by CPTU 

tests, for simulations the coefficient of earth pressure at rest was set to 10 =K . 

Installation of the stone columns results in higher stresses than in the untreated case, 

as the unit weight of the gravel material also acts on the soil mass. Moreover, as a 

result of column installation the sand layer is densely compacted, but the volume of 

the sand material remains unchanged. In order to account for this in FE simulations, 

the unit weight of the column material was assumed to be greater than in reality, see 

Gäb et al. (2007).  As, in addition to this, the unit weight of the sand prior and post 

installation was kept constant, the stresses were calculated as a result of application 

of combined unit weights of the sand and the granular material. This procedure can 

be seen as a simplification of the installation process in sandy materials, however in 

clayey soils the column installation will not lead to compaction of the material to 

such extend. Some simplifications were undertaken for the numerical simulations, 

such as homogeneity of the soil layers and the geometry of the considered 

embankment in the longitudinal direction. Despite extensive monitoring, due to the 

lack of laboratory data, the stiffness parameters and the permeability of the soil were 

calibrated to match the deformation behaviour and the drainage conditions using the 

Hardening Soil model. Due to difference in the constitutive modelling approach, 

different values of the vertical displacement have been predicted by different 

constitutive models.  The inspection of the vertical deformations with the vertical 

profile showed that the majority of the settlement was caused by the clay deposit and 

that the participation of the sand layer was negligible. The excess pore water 
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pressures were over-predicted at all depths when compared with the measured 

values. In general, the rate of consolidation predicted by all of the constitutive 

models was too fast and a closer match was not possible to achieve at that time; 

further calibration of the permeability values has not been carried out.  

 

3.4. Summary and comments 

 

Stone columns are a ground improvement method used increasingly for a wide range 

of foundations types. As the stone column technique results in the reinforcement and 

improvement of soft soil deposits, the method has gained increasing popularity 

worldwide.  

The stone column improvement method along with its applications and 

limitations has been briefly described and discussed. Additionally, the important role 

of craftsmanship and quality control of the installation of the stone columns has been 

emphasised. Next, a short overview of the various design approaches for granular 

columns has been given, with a special emphasis put on the most common semi-

empirical method. However, current design methods do not take account of the non-

linearity of the soil-column systems and most of them are developed for end-bearing 

columns. Finally, recent studies on stone columns along with the numerical 

modelling of soil-column system have been presented.  

Although model tests are important, singular gravity (1g) and centrifuge model 

tests always use a reconstituted material, which is not true representation of in-situ 

soil mass. The installation method rarely is analogous to that in the field. Limitations 

of field studies, such as consideration of specific type and configuration of stone 

columns and concerns associated with reliable site investigation and its 
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interpretation, restrain in-depth investigation of the behaviour of the column 

foundation constructed in soft soil deposits.  

As an alternative, numerical modelling can be employed for studies of the soil-

column systems. Two-dimensional plane strain approach is commonly used, however 

it is not true representation of the problem and reliable mapping procedures can be 

difficult to develop when material behaviour is non-linear. Axisymmetric modelling 

gives a possibility of application FE to simple studies, nevertheless it can be only 

used to study behaviour of a single column or large groups of columns under 

constant load. Most of engineering problems are however three-dimensional in 

nature. That calls for the numerical studies conducted in three-dimensional space. 

Moreover, as the true representation of the soft soil behaviour must be ensured, 

appropriate constitutive models shall be applied. Due to diversity of 3D FE, they can 

be applied to various geotechnical problems by both academics and practitioners. 

Nonetheless, some difficulties in numerical modelling of column installation effects 

remain still an engineering challenge. 

Constant development in the constitutive modelling and the three-dimensional 

numerical codes allow for realistic and easier capturing of the complex nature of soil-

column interaction. Current research aims for improved expertise in numerical 

modelling and simulation of soft soil deposits treated with stone columns, by using 

advanced constitutive formulations in 3D FE analysis. Behaviour of a stone column 

foundation is largely governed by the surrounding soil, its compressibility 

characteristics and the stress-strain-strength response. The models commonly used 

by civil engineering practitioners are the simple linear Mohr-Coulomb or elasto-

plastic Modified Cam Clay (Roscoe & Burland, 1968) models.  Nevertheless, these 

often result in inaccurate and over-conservative numerical predictions, as 

characteristics of soft soils are ignored and the complexity of the soil-column 
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interaction is neglected. By developing new enhanced advanced constitutive models, 

as presented in Chapter 5, the numerical predictions of the behaviour of the soft soil 

deposit can be improved, resulting in engineering and economically efficient 

geotechnical solutions.  

Current stone column design procedures are based on relatively simple 

assumptions, such as the semi-empirical Priebe’s method (1995). However, the 

interaction between the column and the surrounding soil is very complex and may 

differ from the simplifications used in existing design methods. Numerical methods 

are not yet fully implemented in industrial design. Nevertheless, they could be used, 

as discussed in the following chapters, for gaining a better understanding of the 

behaviour of soil improved with stone columns and for the optimisation of existing 

design procedures.  
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4 

STONE COLUMNS BENEATH AN 

EMBANKMENT: PARAMETRIC STUDY 

 

 

This chapter investigates the influence of selected characteristics of stone column 

foundations by conducting 3D numerical simulations of a benchmark problem. The 

benchmark considers an embankment constructed on Bothkennar clay, soft clay from 

Scotland, improved with floating stone columns using advanced constitutive soil 

models. The benchmark boundary value problem represents a typical application of 

the stone columns: reducing settlements in earth structures. 

The parametric studies investigate the effect of parameters such as stiffness 

and angle of friction of the granular material, diameter and arrangement (length and 

spacing) of the stone columns, and the thickness of the soft deposit. The aim is to 

understand the complex behaviour of stone columns installed beneath an 

embankment, and to improve the analyses for design of the granular columns.  

A three-dimensional representative slice of full geometry is used in numerical 

simulations. Undrained stone column and embankment construction is followed by a 

consolidation stage. Based on the results obtained, some conclusions and closing 

remarks on the factors influencing the behaviour of the stone column foundation and 

 some design aspects are discussed
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4.1. Numerical model 

 

The geometry of the embankment considered is shown in Figure 4.1. Due to the 

symmetrical conditions only half of the model has been considered in the 

simulations. The embankment is assumed to be 2 m high and 10 m wide (at the 

crest), and the gradient of embankment slope is taken as 1:2. The underlying deposit 

is idealised by two layers: an over-consolidated dry crust and a slightly over-

consolidated soft Bothkennar clay. The groundwater table is assumed to be located at 

depth of 1 m. Consolidation is assumed to occur through the top and bottom 

boundary of the mesh model. 

 

 

 

Figure 4.1: Benchmark problem: the geometry of an embankment and assumed soil profile. 
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For all simulations PLAXIS 3D Foundation v.2.2 finite element code has been 

used, taking advantage of three-dimensional modelling. A mesh with 7 200 

tetrahedral elements and 80 000 degrees-of-freedom has been used in simulations, if 

not stated differently. Mesh sensitivity studies were carried out before conducting the 

parametric studies in order to reduce the influence of the mesh on the results of the 

simulations. First of all, a two-dimensional mesh with triangular elements was 

created, then the mesh was extended in the depth direction forming the three-

dimensional shape. The top view of the benchmark problem along with the 

representative slice of full geometry is shown in Figure 4.2. Due to symmetry of the 

boundary value problem and the square arrangement of the stone columns 

constructed beneath an embankment, the full three- dimensional model can be 

represented by the representative slice of full geometry. The width of this slice is 

dependent on the spacing in which the columns have been installed and it is assumed 

to be equal to the columns’ spacing, as shown in red solid lines in Figure 4.2a. 

In order to allow for correct calculation of the initial stresses, first the 

Bothkennar site was considered, without any ground improvement or embankment in 

place. Next, the granular material was applied to selected clusters, followed by 

activating embankment clusters one layer at a time. Installation of the stone columns 

and construction of the embankment were simulated as undrained events during 

which the dissipation of any excess pore water pressures is not possible. Afterwards, 

a consolidation phase was simulated using a maximum excess pore water pressure of 

1 kPa as the end criterion for calculations.  

For numerical simulations the S-CLAY1S model was used to represent the 

layers of the dry crust and the Bothkennar clay. This model enables the anisotropy 
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and bonding effect present in natural soft soil to be simulated, and is described in 

detail in Chapter 2. More details with regard to the geotechnical properties of the soil 

at the Bothkennar site are presented in the following section.  

 

 

a) 

 

 

 

b) 

Figure 4.2: Benchmark problem:  

a) top view b) representative slice of full 3D geometry. 
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4.2. Material properties 

 

The construction of the embankment on the soft soil deposit was simulated in two 

stages; two layers of 1 m embankment fill each were placed within 5 days. Krenn 

(2008) proved using FE modelling that the influence of the constitutive model used 

for the embankment fill constructed on soft soil is negligible, when the embankment 

is not close to failure. Hence, a simple Mohr Coulomb model was used to represent 

the granular fill in the benchmark problem considered. The parameters assumed are 

shown in Table 4.1. The cohesion of the embankment fill 'c  was chosen to be equal 

to 1 kPa for computational reasons. The embankment is assumed to be made from 

granular fill, and thus, it is assumed to behave in a drained manner. 

 

Table 4.1: Embankment fill parameters. 

γ  'E  'ν  'ϕ
 

 

'ψ
 

 

'c  
Material 

[kN/m3] [kN/m2] [-] [˚] [˚] [kPa] 

Embankment 20 30 000 0.3 38 0 1 

 

4.2.1. Soft soil 

 

The parameters for the soft soil used in the simulation were chosen to represent 

Bothkennar clay, soft clay from Scotland (UK). The Bothkennar site is situated 

between the cities of Edinburgh and Glasgow, on the Forth River estuary.  The site 

was previously owned and managed by the UK Government through the Science and 
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Engineering Research Council (SERC) and covers an area of approximately 11 ha 

and 20 m depth of soft saturated natural soils, see Nash et al. (1992A and B).  

The slightly over-consolidated Bothkenar clay, which is overlain by a dry crust, 

is a soft recently deposited marine sediment. It has been strongly influenced by the 

changes in relative sea level over the past 13 000 years. The composition of the clay 

is relatively consistent with depth, which is in contrast with many other soft clay sites 

found in the United Kingdom. Bothkennar clay has a significant organic content 

(determined by loss of ignition) of 3..4 %, see Leroueil et al. (1992). This soft soil 

contains approximately 30..40% clay content, 50..60% silt content and a small 

amount of sand, and is classified as a silty clay. The undrained shear strength is in 

the range of 15..55 kPa and has been determined in the laboratory using undrained 

triaxial tests and in-situ using vane tests, see Nash et al. (1992A). 

Undrained and drained triaxial tests carried out on soil from depths of 5.3..6.3 

m were used for the determination of the yielding characteristics, and  a high degree 

of anisotropy of the Bothkennar clay was found, see Smith et al. (1992) and McGinty 

(2006). Moreover, the isotropic loading/unloading/reloading tests on vertically and 

horizontally orientated samples conducted by McGinty (2006) showed some 

evidence of cross-anisotropy in the elastic behaviour. Given that the plastic strains 

dominate in the problem considered here, the latter has been ignored. 

Smith et al. (1992) performed oedometer tests on samples from a depth of 5..6 

m to study the apparent interparticle bonding in the Bothkennar clay by comparing 

the behaviour  of natural and reconstituted soil samples. They found that the yield 

stress for the natural sample was 1.5 times greater than for the reconstituted soil at 
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the same void ratio. Additionally, triaxial tests conducted on natural samples from 

6.5..8.5 m depth showed that the breakdown of the bonding is progressive, see 

Clayton et al. (1992) and McGinty (2006). Hence, it appears to be necessary to use 

an advanced constitutive model that accounts for interparticle bonding and 

destructuration.  

The considered soil profile used in the benchmark problem is shown in Figure 

4.1. In the simulations the deposit is idealised in two layers: a slightly over-

consolidated soft clay which is overlain by a 1m thick over-consolidated dry crust. 

Both layers are simulated using the S-CLAY1S model presented in Chapter 2. The 

soil constants and state variables describing the clay and dry crust are shown in 

Tables 4.2, 4.3 and 4.4.  

 

Table 4.2: Standard soil constants: S-CLAY1S model. 

Depth 

 

γ   

 

k 'ν  
M  κ  

iλ  Layer 

[m] [kN/m3] [m/s] [-] [-] [-] [-] 

Dry crust 0-1 19.0 1x10-9 0.2 1.51 0.02 0.15 

Bothkennar 

clay 

1-30 16.5  2.89x10-9 0.2 1.51 0.02 0.15 

 

Table 4.3: Advanced soil constants: S-CLAY1S model. 

Depth 
dω  

 

ω  

 
ξ  

dξ  

 

Layer 

[m] [-] [-] [-] [-] 

Dry crust 0-1 1 30 9 0.2 

Bothkennar 
clay 

1-30 1 50 9 0.2 

 

Table 4.4: State variables: S-CLAY1S model. 

Depth 
0e  0K  POP  

 
OCR 

0α  0χ  Layer 

[m] [-] [-] [kN/m2] [-] [-] [-] 

Dry crust 0-1 1.37 0.7 30 - 0.59 4 

Bothkennar 
clay 

1-30 2.0 0.5 - 1.5 0.59 8 
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Due to its consolidation history the clay can be assumed to be cross-anisotropic 

in terms of its elasto-plastic behaviour. Therefore the initial inclination α0  of the 

yield surface of the S-CLAY1S model may be derived following the procedure 

outlined by Wheeler et al. (2003) which is recalled in Chapter 2.  

The pre-consolidation of the dry crust was modelled using the vertical pre-

overburden pressure (POP), listed in Table 4.4, which is defined as the difference 

between the maximum past value and the in-situ value of the vertical effective stress. 

The vertical overconsolidation ratio (OCR) was used for the soft clay. The in-situ 

coefficients of the earth pressure at rest 0K  for both the dry crust and Bothkennar 

clay (Table 4.4) was calculated based on the equation given by Mayne & Kulhway 

(1982): 

 'sin

0 )'sin1( ϕϕ OCRK ⋅−=  (4.1) 

Additional advanced soil constants, ω and dω  describing the rotation of the 

yield surface, were calculated following the procedure described by Wheeler et al. 

(2003) and outlined in Chapter 2. During the site investigation the sensitivity of the 

Bothkennar clay, which is used for the determination of the initial amount of 

structure 0χ , was found to be on average around 5 (Nash et al. 1992A) and that value 

was assumed for the numerical modelling. Moreover, to differentiate between the 

sensitivity of the two deposits, different values of the initial amount of structure 0χ  

for both the dry crust and the Bothkennar clay were assumed. Due to insufficient 

data, parameters ξ and dξ were assumed based on the typical values for soft deposits 

according to the range of values outlined by Wheeler et al. (2003).  
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4.2.2. Stone columns 

 

Floating stone columns were assumed to be installed in a square arrangement with 

spacing between the columns, 
SCS  equal to 2 m beneath the embankment for the first 

set of analyses. The diameter of the columns SCD  was taken as 0.6 m and the length 

SCL  was considered to be 10 m. In the FE analysis the stone columns were ‘wished-

in-place’ during an undrained process without considering any installation effects. In 

fact, the installation of stone columns on structured soils reduces the amount of 

bonding (and sometimes also the strength) of the soil next to the columns, as well as 

changes the anisotropy and the coefficient of earth pressure at rest, as shown by 

Castro & Karstunen (2010), which is in line with the field observations presented by 

Guetif et al. (2007) and Kirsch (2006). However, the effects of installation of stone 

columns are not the subject of this research. 

The Hardening Soil Model, described in Chapter 2, was used to model the 

granular material of the stone columns and the material parameters are presented in 

Table 4.5 and 4.6. The reference Young’s modulus ref
E50  was assumed to be the same 

as the reference oedometer modulus ref

oedE , whereas the reference unloading/reloading 

modulus ref

urE was assumed to be 3.25 times greater than the ref
E50 , see Table 4.5.  

The critical state friction angle of the granular material '

SCϕ  was chosen to be 

42° and the dilatancy angle 
SCψ  was assumed to be 30˚ smaller than the '

SCϕ , see 

Table 4.6. Poisson’s ratio 'ν and an exponent m equal to 0.3 were assumed, in line 

with previous simulations of stone columns, see Gäb et al. (2008) and Weber et al. 
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(2009). A unit weight of 19 kN/m3 for the granular material was applied, following 

the experience of industry. Such a value is also justified in recent physical and 

numerical studies of stone columns in undrained and drained conditions underneath 

an embankment (Weber, 2007).  

 

Table 4.5: Stone column stiffness parameters. 

γ  '

urν  
ref

oed

ref
EE =50  

ref

urE  Material 

[kN/m3] [-] [kN/m2] [kN/m2] 

Stone 
column 

19 0.3 80 000 260 000 

 

Table 4.6: Additional stone column parameters. 

k  'c  

 

'

SCϕ  SCψ  m  Material 

[m/s] [kN/m3]  [o] [o] [-] 

Stone 
column 

1.97x10-4 0.1 42 12 0.3 

Note: m = power for stress-level dependency of stiffness. 

 

As the stone columns were assumed to be installed in a square grid, the 

representative slice of the full three-dimensional geometry for a square pattern of 

floating columns was determined, see Figures 4.1 and 4.2. The width of the three-

dimensional slice was assumed to be equal to the column centre-to-centre spacing. 

 

4.3. Reference analysis 

 

As a reference model (REF) to all further simulations a three-dimensional numerical 

analysis was performed considering that the soft soil was improved with stone 
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columns up to a depth of 10 m. To simulate the behaviour of the Bothkennar clay and 

dry crust, the S-CLAY1S model was used. The stone column material parameters 

used are presented in Tables 4.5 and 4.6. The columns with diameter equal to 0.6 m 

were assumed to be installed in a 2 m square grid up to depth of 10 m.  

The computational time required to calculate the benchmark problem 

considered was equal to approximately 1 day due to the great number of degrees-of-

freedom in each of the simulations. 

 

4.3.1. Vertical displacement 

 

A plot of the surface settlement at the ground level versus the horizontal profile 

after construction and at the end of primary consolidation is shown in Figure 4.3. The 

location of the stone columns is indicated in grey.  

After construction, a small amount of heave was predicted next to the 

embankment (0.003 m). The unrealistic extent of the heave (also at the outer 

boundary of the geometric model) could be eliminated (and the distribution of the 

heave changed) by using the small strain stiffness soil constitutive model. Due to the 

nature of the stone columns, the surface settlement was smaller in the granular 

columns than in the surrounding soil. The differential settlements at the ground 

surface slowly but steadily decreased as the distance from the symmetry axis 

increased. Moreover, at the top of the embankment differential settlements were not 

present as the granular fill of the embankment mitigated any differences between the 

settlement of the columns and the surrounding soil. Installation of the floating stone 
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columns resulted in a reduction of the surface settlements by a factor of 2, from 

0.059 m to 0.029 m at the inner boundary of the geometry model, respectively. 

At the end of consolidation, heave was no longer an issue, see Figure 4.3. The 

surface settlement was much smaller then at the end of the construction, resulting in 

approximately four times greater settlement at the end of the consolidation process at 

the symmetry axis. Similar to the case of surface settlements after construction, the 

greatest surface displacements were predicted in the soil located next to the 

symmetry axis of the earth structure. Installation of the floating stone columns 

resulted in a surface settlement reduction of 22%, from 0.148 m to 0.116 m at the 

inner boundary of the geometry model, see Figure 4.3. 
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Figure 4.3: Surface settlement at the end of construction and after consolidation:  

reference analysis. 
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4.3.2. Horizontal displacement 

 

The horizontal displacement contours at the centreline of the representative slice are 

presented in Figure 4.4.  In Figure 4.4a the horizontal displacement contours after 

construction are plotted, whereas Figure 4.4b shows the contours at the end of 

consolidation. The location of the stone columns is indicated by the red lines. As the 

lateral movement of the improved soil is of greater importance beneath the 

embankment, the treated zone is magnified for clarity.  

 Looking at Figure 4.4a it is evident that after construction of the embankment, the 

highest values of horizontal displacements were predicted under the embankment 

slope, which is in agreement with previous findings, see Krenn (2008). Underneath 

the crest of the embankment the soil was subject to high loading, which resulted in 

notable vertical displacements. Due to the compressibility characteristic of the 

ground (governed by Poisson’s ratio and also the flow rule of the constitutive model) 

settlements induce lateral movement in the soil block, which in some cases may 

result in failure. In the case of the embankment slope, no constraints are found at the 

other side of the loaded area and the soil displaces laterally in a greater manner. That 

is the case in this simulation, where under the embankment the horizontal movement 

of the soil-column block was found to be the highest, see Figure 4.4.  

Inspection of Figure 4.4b clearly indicates that at the end of the consolidation 

process the horizontal displacement predictions in the improved soil zone increased 

by a factor equal to 1.67. The distribution of the lateral movement before and after 

consolidation process is different- the depth of the horizontal displacements contours 

reduced with time. 
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Figure 4.4: Horizontal displacement contours (in m) for reference analysis at the end of:  

a) construction and b) consolidation. 

 

Horizontal displacements at the toe of the embankment (at the centre of the 

representative slice) at the end of the construction and consolidation processes are 

presented in Figure 4.5. It can be noted that after construction the relatively stiff 

material of the dry crust displaces laterally less than the soft Bothkennar clay. At the 
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end of consolidation the horizontal displacement increases from the ground surface 

with depth up to approximately 1.6 m and then reduces with depth. The maximum 

horizontal displacement occurs at a depth which is equal to 2..3 times the column 

diameter, which is in agreement with Murugesan & Rajagopal (2006).  

 

4.3.3. Differential settlement 

 

Two points were chosen for the investigation of differential vertical displacements 

versus depth: a point at the centreline of the granular material (named A) and a point 

corresponding to the surrounding soil (named B), see Figure 4.6.  
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Figure 4.5: Horizontal displacement at the toe of the embankment (at the centre of the 

representative slice): reference analysis. 
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Figure 4.6: Chosen points for reference analysis: top view of geometry.      

                

The evolution of the differential vertical displacements with depth at the centreline of 

the embankment (for points A and B) after the construction and consolidation is 

plotted in Figure 4.7.  
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Figure 4.7: Vertical displacement vs. depth for reference analysis at the end of construction and 

consolidation: for points A and B.  
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It can be observed that after construction predictions are different for points A and B 

only at shallow depths of the soil mass, with a value of the differential vertical 

displacements equal approximately to 0.027 m. Differential vertical displacement 

reduces with depth and diminishes completely at a depth of SCDY / = 5 (=3 m), 

where Y is the depth and SCD  is the column diameter. A similar situation was 

observed after consolidation, although the value of the differential settlements was 

smaller and negligible. 

 

4.3.4. Vertical effective stresses 

 

Vertical stress contours along cross-section C-C’ (see Figure 4.6) after construction 

and consolidation are plotted in Figure 4.8. The overall response looks reasonably 

similar despite the different stages of analysis. The difference between the 

predictions of vertical effective stresses for the soil and the columns is small 

although higher stresses are found throughout the column material than in the soil. 

As in the benchmark problem floating stone columns are considered, i.e. the columns 

do not penetrate any competent stiff layer of soil. Therefore they do not transfer the 

load into a rigid stratum but into the surrounding soil as part of a load transfer 

process. This process can be seen in Figure 4.8: in upper part of plot granular 

material transfers more load than the surrounding soil. At the base of the columns the 

load is transferred from the columns to the soil underneath. In between this base level 

and the ground surface at a depth of approximately 9 m the ‘neutral point’ can be 
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found. This point indicates that the amount of load held by the column and 

surrounding soil is of the same value.  
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Figure 4.8: Vertical effective stress contours (in kPa) for reference analysis at the end of:  

a) construction and b) consolidation. 
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4.3.5. Stress paths 

 

Figure 4.9 shows the selected stress paths in the granular material if the column 

(point A) and in the surrounding soil (point B) at three different locations below the 

centreline of the embankment. Plots are presented in terms of 't  and 's , where 

2
'

'

3

'

1 σσ −
=t  and 

2
'

'

3

'

1 σσ +
=s . The figures represent the stress conditions at the 

ground surface (Figure 4.9a), at the top of the clay layer (Figure 4.9b) and at the base 

of the stone column (Figure 4.9c). The loading applied at the ground surface (as 

embankment fill) has been transferred along the stone column length into the deeper 

layers. The change in depth profile from dry crust to the Bothkennar clay layer 

induces a higher level of stress due to the greater stiffness of the upper layer 

compared to the soft soil below. At the column base the stress paths for points A and 

B are almost identical. The surrounding soil experiences, obviously, less stresses as 

the stiff granular material of the stone column takes most of the applied loading 

during the construction of the embankment.  

 

4.3.6. Excess pore water pressures 

 

Stone columns speed up the dissipation of excess pore water pressures, therefore an 

inspection of the excess pore water pressures at chosen depths should be performed. 

Figure 4.10 shows a schematic sketch of the various points in the soft deposit chosen 

for the inspection of the excess pore water pressure. 
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Figure 4.9: Stress paths for reference analysis for points A and B at: 

a) ground surface, b) depth of 1 m and  c) depth of 10 m.  
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Figure 4.10: Sketch of the benchmark geometry with chosen points for the excess pore water 

pressure predictions: reference analysis. 

 

The evolution of the excess pore water pressures with time is plotted in Figure 

4.11. The plot has been prepared for the stone column base and 5 m and 10 m below 

the column base. The geotechnical sign convention for pore water pressure has been 

applied, where negative values refer to suction (when pore air pressure is 

atmospheric).  

The excess pore water pressures build up and then dissipate as the consolidation 

process evolves, see Figure 4.11. This phenomenon is due to the Mandel-Cryer effect 

(Mandel, 1950 and Cryer, 1963) during coupled consolidation. Decay of the excess 

pore water pressure is particularly rapid at the column base, where the interface 

between the granular material with good hydraulic conductivity properties and the 

surrounding soil (of poorer permeability characteristics) is located.  

5 m  

5 m  



Chapter 4                                                        Stone columns beneath an embankment 

____________________________________________________________________ 

134 

 

10 100 1000 10000

time [day]

25

20

15

10

5

0

e
x
c
e
s
s
 p

o
re

 p
re

s
s
u
re

s
 [
k
P

a
]

excess pore pressures at depth of:
base of column

5 m below tip level

10 m below tip level

 

 

Figure 4.11: Excess pore water pressure evolution with time: reference analysis. 

 

The excess pore water pressures contours after construction and after 

approximately 6 months and 3 years during the consolidation process are plotted in 

Figure 4.12. Again, the geotechnical sign convention has been applied for those plots 

and for clarity the improved zone has been magnified in an additional plot (with the 

location of the stone columns indicated by the red solid lines).  

After construction, the predicted excess pore water pressure distribution shows 

greater values in the granular material, of approximately 35..48 kPa, than in the soil 

mass, of approximately 30 kPa. The pore pressure concentration in the improved 

zone will be gradually erased by dissipation of the excess pore water pressures 

during the consolidation process.  
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Figure 4.12: Excess pore water pressure contours (in kPa) for reference analysis:  

a) after construction, b) 6 months into consolidation and c) 3 years into consolidation. 
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Local concentration of the excess pore water pressures in the stone column material 

is due to local numerical inaccuracies during undrained construction. This process 

can be seen during inspection of the predicted excess pore water pressures after 

approximately 6 months of consolidation, see Figure 4.12b. In the soft unimproved 

soil mass a concentration of the excess pore water pressure at a depth of 15..20 m is 

observed with a maximum value of 11 kPa. In the treated zone the value of predicted 

pore pressures in the column material is approximately 1 kPa and in the surrounding 

soil is approximately 6..7 kPa. The excess pore water pressure contours after 

approximately 3 years of consolidation are plotted in Figure 4.12c. 

 

4.3.7. Mobilised shear strength 

 

Figure 4.13 shows the contours of the mobilised shear strength mobτ  , 

determined as 
2

q
 (where q is the deviatoric stress) at the end of the consolidation 

process. On the left hand side the overall response is presented, whereas on the right 

hand side the scaled picture of the improved zone is plotted. The contours of the 

stone columns are indicated by the red solid lines. At a distance of approximately 15 

m from the symmetry line of the embankment ( or BZ / = 1.67, where Z  is the 

distance from symmetry axis and B  is the width of the embankment) the distribution 

of the mobilised shear strength is similar to the expected response for an 

embankment constructed on unimproved soil. Closer inspection of the treated zone 

concludes that the mobilised shear strength is predicted to be higher for the column 

material than for surrounding soft soil. For columns 1..4 in the centreline of the 
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embankment, the mobilised shear strength is predicted to be a value of 55 kPa up to a 

depth of approximately 5 m and then remains at 45 kPa in the lower part of the 

columns. The column which is located nearest to the embankment toe has a shear 

strength of 45 kPa up to a depth of 5 m. Below that depth, the mobilised shear 

strength decreased to a value of 35 kPa.  
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Figure 4.13: Mobilised shear strength contours (in kPa) at the end of consolidation: reference analysis. 

 

4.4. Influence of mechanical properties of the 

stone columns 

 

For the construction of the stone columns a gravelly material is usually used, which 

meets the specified requirements regulated by the various standards or guidelines 

(national or worldwide), see BS EN 14731:2005, Forschungsgesellschaft für das 
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Straβenwesen (1979) or NHBC (1988). As the column is formed using different 

types of gravel, the mechanical properties of the stone column will vary depending 

on the mechanical properties of the material used. Therefore, numerical simulations 

were performed, in order to asses the influence of the compaction and stiffness of the 

stone column material on the settlement predictions.  

Values of the mechanical characteristics assumed in the numerical analysis are 

compared to the typical values for the stone column material widely used in industry. 

The same three-dimensional mesh as in the case of the reference analysis was used. 

The geometry of the embankment benchmark and the soil profile were not altered. 

 

4.4.1. Strength of granular material 

 

The friction angle plays a crucial role in the calculations of the bearing capacity of a 

soil improved with stone columns and the dilatation, expressed as the volume 

increase of the granular material, has a significant effect on the settlement reduction. 

As the columns are usually designed to yield, the friction and dilatancy angles of the 

granular material will influence the overall behaviour of the system. Thus, a 

parametric study to investigate the impact of those two factors on the numerical 

predictions was carried out, considering separately the influence of strength and 

column stiffness.  

The effect of column strength (expressed as the angle of friction) is investigated 

in this section by varying only the angles of friction '

SCϕ  and dilatancy '

SCψ . The 

most compacted stone column material chosen for the numerical simulations had an 
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angle of friction '

SCϕ  of 50˚ and resulted in a relatively high angle of dilatation ( '

SCψ = 

20˚), see Table 4.7. The stiffness of the granular material was kept constant (see 

Table 4.5) and is considered separately in Section 4.4.2.  

 

Table 4.7: Variation of angle of friction and dilatancy angle due to column compaction. 

'

SCϕ  
'

SCψ
 

Set of 
parameters 

[˚] 
 

[˚] 
 

M1 40 10 

REF 42 12 

M2 44 14 

M3 50 20 

 

In large scale shear box tests in dense samples of granular material very high 

friction angles (above 50˚) have been measured at low normal stresses, see Herle et 

al. (2007). Herle et al. (2007) reported that the in-situ value of the friction angle of 

the stone column material is much closer to the value of 50˚ than previously thought. 

Therefore assuming an angle of friction below 40˚ cannot be justified, and the range 

of the friction and dilatancy angles in some recent studies is rather theoretical, e.g. 

see Poorooshasb & Meyerhof (1997) or Borges et al. (2009). 

The importance of the column strength is evident looking at the plot of the 

settlement reduction ratio rs  in relation to the angles of friction and dilatancy of the 

stone column material, see Figure 4.14. The settlement reduction ratio rs is 

determined as the ratio between the settlement with stone columns and settlement in 

the case of no ground improvement. One can observe a greater reduction of 

settlement in columns which allow a higher concentration of the stresses. 
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Figure 4.14: Relation between the densification of the stone column and the settlement 

reduction ratio. 

 

Plots of the surface settlements after construction and at the end of primary 

consolidation are shown in Figure 4.15. After construction some surface heave is 

predicted (0.003 m), the magnitude is the same regardless of the friction angle of the 

granular material. The actual magnitude of the settlement is rather similar for all four 

cases, however the differences are more pronounced close to the centreline of the 

embankment. The reduction of the surface settlement of 25% just after construction 

is noticeable for the stone column material with a higher friction angle. Due to the 

nature of the stone columns, the surface settlements are smaller in the granular 

columns than in the surrounding soil.  
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Figure 4.15: Surface settlement for different compaction levels of the granular material after 

construction and consolidation process. 

 

The differential settlement (between the column and the surrounding soil at the 

centreline of the embankment) after the construction varies from 0.004 m to 0.001 m 

for simulations M1 and M3, respectively, and is hence insignificant. At the end of 

consolidation the same magnitude of differential settlements is predicted for 

simulations M1 and M3, respectively. Therefore it may be concluded that the angle 

of friction of the granular material has some influence on the differential settlements, 

and that angles of friction and dilatancy have greater impact when their values are 

around 50° and 20°, respectively. Moreover, at the end of consolidation the heave is 

no longer an issue. Again, the greatest displacements are predicted in the soft soil 
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next to the symmetry axis. An increase in the friction and dilatancy angles resulted in 

a reduction in the surface settlements at the end of consolidation of approximately 

32% from 0.124 m to 0.084 m for M1 and M3, see Figure 4.15. The surface 

settlement plots converge at a distance of approximately 9 m from the symmetry axis 

and no difference can be seen outside the embankment footprint. 

Looking at the settlement- time curve at the centreline of the embankment, one 

can see that an increase in the friction angle of the granular column leads to a 

noticeable reduction in the settlement, Figure 4.16.  The influence of the friction 

angle of the gravelly material is pronounced during consolidation process.  
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Figure 4.16: Settlement- time curve at the centreline of an embankment for different angles of 

friction of granular material. 
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4.4.2. Stiffness of granular material 

 

In addition to the friction/dilatancy angle, compaction also influences the stiffness of 

the granular material. The stiffness of the granular material used for stone column 

construction varies depending on the origin of the material, the stiffness of the 

surrounding soil and the installation method. Talking about the influence of the 

column stiffness on the behaviour of the complex soil-column system one usually 

considers the modular ratio soiloedSCoed EE ,, / , which is defined as the ratio between the 

one- dimensional deformation modulus of the column and the soil. Given both 

materials (soil and column) are non-linear, this ratio is never constant with depth, and 

will vary as soon as one of the stiffness or geometry parameters changes. It is usually 

expected that well compacted gravelly material will improve the settlement and 

bearing capacity of the treated soil, however the optimum modular ratio 

soiloedSCoed EE ,, /  for the soil-column system may limit the reinforcing effect of the 

stone columns. 

The impact of the stiffness of the granular material has been explored using 

three sets of parameters for the stone columns, see Table 4.8. The unit weight, 

Poisson’s ratio, angle of friction and dilatancy have been assumed to be the same as 

stated in Tables 4.5 and 4.6. 

Table 4.8: Variation of the column stiffness. 

ref

oed

ref
EE =50

ref

urE
 

Set of 
parameters 

[kN/m2] [kN/m2] 

REF 80 000 260 000 

M4 100 000 325 000 

M5 120 000 390 000 
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It would be worth investigating the impact of the predicted modular ratio 

soiloedSCoed EE ,, /  on the obtained results. However, the column and soil are non-linear 

materials and are allowed to deform radially thus, the predicted modular ratio cannot 

be considered as oedometric. Moreover, their stiffness changes with depth. 

Therefore, the equivalent stiffness modulus in the vertical direction veqE , was 

determined using the relationship between the incremental vertical effective stress to 

the incremental vertical strain at specific depth: 

 

y

y

veqE
ε

σ

∆

∆
=

'

,  
(4.2) 

The evolution of the equivalent vertical modular ratio soilveqSCveq EE ,,,, /  with 

depth is presented in Figure 4.17. The plot is limited to the treatment depth only. 

Increasing the column stiffness has no apparent influence on the evolution of the 

equivalent vertical modular ratio for simulations M4 and M5, see Figure 4.17. One 

can see that in the over- consolidated dry crust layer the increase in the stiffness of 

the granular material is less pronounced than in the soft clay strata and that the value 

of the equivalent stiffness modulus in the vertical direction veqE ,  decreases with 

depth. It is expected that the magnitude of veqE ,  will change also with time (e.g. after 

construction and consolidation, different values of veqE , will be determined due to 

changes in the vertical effective stress and strains). 
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Figure 4.17: Evolution of the equivalent vertical modular ratio with depth. 

 

As shown in Figure 4.18, the settlement reduction ratio rs  decreases with the 

increase of the equivalent vertical modular ratio soilveqSCveq EE ,,,, / . The effect of the 

soilveqSCveq EE ,,,, /  ratio is however almost negligible, so in terms of design the friction 

and dilatancy angles of the columns and the properties of the surrounding soil are 

more influential than the stiffness of the granular material. Moreover, the value of the 

equivalent vertical modular ratio soilveqSCveq EE ,,,, /  will be limited by the compression 

modulus of the hosting soil and the mechanical properties of commercially available 

granular materials.  
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Figure 4.18: Influence of the equivalent vertical modular ratio on the settlement reduction ratio at 

the top of layer: a) dry crust and b) Bothkennar clay. 
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4.4.3. Conclusions on the mechanical properties impact  

 

The influence of mechanical aspects on the behaviour of stone column foundations 

has been investigated using three-dimensional FE analyses.  

The angle of friction of the granular material was found to influence greatly the 

settlement reduction during the current parametric studies. Increasing the oedometric 

stiffness modulus of the stone column material had a minor influence on the 

predicted settlement response within the considered range of values. Some reduction 

in the predicted settlement values was shown to occur by increasing the equivalent 

vertical modular ratio. However, it can be concluded that the angle of friction of the 

granular material is a dominant mechanical aspect influencing the behaviour of the 

stone column foundations.  

 

4.5. Influence of physical properties of the stone 

columns 

 

In the next section of the parametric study, the influence of the column diameter SCD  

is investigated, followed by the centre-to-centre spacing SCS  and the length of the 

granular column SCL .  

The geometry of the embankment benchmark and the soil profile are the same 

as presented in Figure 4.1 and 4.2. The mesh used for the numerical simulations 

considering column diameter and spacing is different than for that used for the 
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reference analysis in order to take account of changes in the physical properties of 

the column foundations.   

 

4.5.1. Diameter of stone columns 

 

The column diameter seems to be one of the easiest parameters to alter in the 

geotechnical design to satisfy the project requirements. As the most common stone 

column diameter used in the industry in Europe is 0.6 m, a parametric study 

considering the values close to that range was performed. The geometry of the area 

improved with stone columns was changed in the numerical simulations, taking into 

account the column diameter. The properties of the granular material, the spacing 

and the length of the stone columns were all kept constant when varying the diameter 

of the granular column, see Table 4.9.  

 

Table 4.9: Variation of the column diameter. 

SCD  

 

rA  
 

Vr  
 

SCSC DS /  

 

SCSC DL /  

 

Set of 
parameters 

[m] 
 

[-] [-] [-] [-] 

REF 0.6 0.07 0.02 3.33 16.67 

P1 0.7 0.10 0.03 2.86 14.29 

P2 0.8 0.13 0.04 2.50 12.50 

 

The numerical predictions in relation to the settlement reduction ratio rs  and 

the area replacement ratio rA  are presented in Figure 4.19. The area replacement 

ratio rA  is the proportion of the area of the stone columns to the total area of the 

improved soil. In the case where the area ratio rA  is equal to zero, (i.e. no columns), 

the settlement ratio rs  is equal to one. According to analytical solutions, the 
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reduction in the settlement value by 50 % or more (when rs  ≤  0.5) can be obtained 

by installing the stone columns with an area ratio rA  equal to 0.2, see Figure 4.19. 

That might suggest in theory that the stiffer the soil-column area is, the greater the 

improvement in the performance for the same area ratio when compared to the 

untreated soil. Nevertheless, this has not been confirmed in many case histories 

which conclude differently. 
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Figure 4.19: Stiffening effect of column diameter: parametric study and chosen solutions. 
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Additionally, the theoretical solutions and the laboratory data for stone columns 

described by various authors are compared with the numerical simulations. Four 

types of solution are presented within Figure 4.19; the elastic approach presented by 

Balaam & Booker (1981) along with the plastic solution by Priebe (1995) and two 

laboratory tests: the large oedometer test conducted by Charles & Watts (1983) and 

the centrifuge test on a tank foundation on sand columns in clay performed by Craig 

& Al-Khafaji (1997). Charles & Watts (1983) considered 5 configurations of the 

stone column in their study, varying the area replacement ratio from 0.002 to 0.330, 

whereas Craig & Al-Khafaji (1997) investigated 4 configurations of columns in the 

centrifuge model tests of a tank foundation, varying the area replacement ratio from 

0.1 to 0.4. One can see that the numerical predictions are in a reasonably good 

agreement with previous experience. Indeed, larger differences would have been 

expected, given the analytical solutions by Balaam & Booker (1981) and Priebe 

(1995) are for end-bearing stone columns, which demonstrate how conservative the 

elastic solution given by Balaam & Booker (1981) is. The settlement reduction ratio 

rs  reduces as the column diameter increases.  

The plot of the impact of the SCSC DS /  on the settlement reduction ratio sr is 

presented in Figure 4.20 based on the results of the parametric study. Additionally, 

the results for the experimental tests conducted on a group of 7 end-bearing stone 

columns constructed in soft clay in a cylindrical tank are plotted, see Ambily & 

Gandhi (2007). Ambily & Gandhi (2007) considered a triangular grid of columns and 

a sand layer was placed at the top of the clay to simulate a working platform. 

Furthermore, the numerical results for predictions obtained by Ambily & Gandhi 

(2007) using an axisymmetric approach with the Mohr-Coulomb’s criterion for clay 
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and granular material are included. For the experimental and numerical study Ambily 

& Gandhi (2007) used the angle of friction for the stone column material values of 

43˚ and 40˚, respectively, whereas for the current study a friction angle of 42˚ has 

been used.  
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Figure 4.20: Effect of 
SCSC DS / on settlement reduction ratio. 

 

It can be observed that the ratio SCSC DS /  has a significant influence on the obtained 

settlement reduction ratio sr. The stiffness effect reduces as the SCSC DS / ratio 

increases, see Figure 4.20. In contrast to the numerical studies carried out by Ambily 
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& Gandhi (2007), the numerical simulations presented in this parametric study 

considered the non-linearity of the material. Predictions by Ambily & Gandhi (2007) 

appear to be quite conservative when compared with the current study, however they 

considered end-bearing stone columns, whereas in this thesis the behaviour of 

floating columns is investigated. 

 

4.5.2. Stone column spacing  

 

Most research on the behaviour of stone columns has indentified the centre-to-

centre spacing of the granular columns as having a significant impact. Therefore, 

numerical simulations were performed for this parametric study for three different 

column centre-to-centre spacings, see Table 4.10. The column diameter was kept 

constant at 0.6 m. The chosen range of column spacing was that which is typically 

used in the industry. Again, the width of the representative slice of the full three-

dimensional geometry varied for each calculation, taking into account the 

arrangement of the stone columns. 

 

Table 4.10: Variation of the column spacing. 

SCS  

 

rA  
 

Vr  
 

SCSC DS /  

 

SCSC SL /  

 

Set of 
parameters 

[m] 
 

[-] [-] [-] [-] 

P3 1.7 0.08 0.03 2.83 5.88 

REF 2.0 0.07 0.02 3.33 5.00 

P4 2.3 0.06 0.02 3.83 4.35 

 

The evolution of the surface settlement for three chosen points (the centreline, 

crest and toe of the embankment) with the centre-to-centre spacing is shown in 
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Figure 4.21. Inspection of the plot results in the conclusion that the column spacing 

is of greater importance at the centreline of the embankment, and with increasing 

distance from the axis symmetry its significance reduces, most likely due to the 

flexibility of the system, as the toe is not affected at all. As expected, smaller stone 

column spacing resulted in the reduction of the surface settlement.  
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Figure 4.21: Evolution of the surface settlement with column spacing. 

 

The evolution of the settlement reduction ratio rs  with column spacing SCS  is 

shown in Figure 4.22. One can see that as the SCS  increases the rs  value reduces: 

given the column spacing changes from 1.7 m to 2.3 m, the settlement reduction ratio 

decreases by approximately 23 %, see Figure 4.22. 
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Figure 4.22: Evolution of the settlement reduction ratio with column spacing. 

 

4.5.3. Length of stone columns 

 

Column length is one of the key design parameters for stone column foundations and 

would be expected to influence the stress-strain behaviour of the column-soil system. 

To asses that impact, a parametric study of a simple benchmark problem was 

performed in which the column length was varied, see Table 4.11. Lengths of the 

stone columns of 5 m, 10 m and 15 m were considered.  The three-dimensional mesh 

was created in advance, enabling the column material to reach the desired level. This 

excluded the possibility of the mesh-dependency influencing the results obtained.   
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Table 4.11: Variation of the column length. 

SCL  

 

rA  
 

Vr  
 

SCSC SL /  

 

SCSC DL /  

 

Set of 
parameters 

[m] 

 

[-] [-] [-] [-] 

P5 5.0 0.07 0.01 2.50 8.33 

REF 10.0 0.07 0.02 5.00 16.67 

P6 15.0 0.07 0.04 7.50 25.00 

 

Again, the properties of the soft soil, stone column and embankment fill 

materials were assumed according to Tables 4.1..4.6. The stone columns had a 

diameter of 0.6 m and a centre-to-centre spacing was 2.0 m.  

A schematic sketch of the various points in the soft deposit chosen for the inspection 

of the excess pore water pressure is plotted in Figure 4.23.  

 

 

 

Figure 4.23: Geometry sketch with chosen points for study of the excess pore water pressure 

evolution: influence of column length. 

 

The predicted evolution of the excess pore water pressures over time is shown 

in Figure 4.24. The plots have been prepared for depths of 15 m, 20 m and 25 m from 

the ground surface. The geotechnical sign convention has been applied, where 

negative values refer to suction. As observed in Figure 4.24, the process of building 
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up and subsequent dissipation of the excess pore water pressures during 

consolidation is associated with the Mandel-Cryer effect (Mandel, 1950 and Cryer, 

1963), which is commonly present during coupled consolidation. 

The plot of the excess pore water pressures at a depth of 15 m is presented in Figure 

4.24a. The stone columns of length of 15 m (P6) reduce the consolidation time by 

factors of 10 and 19 when compared to simulations with a column length equal to 10 

m (REF) and 5 m (P5), respectively. In the case of simulation P6, the stone column 

base is situated at a depth of 15 m.  

Figure 4.24b presents the excess pore water pressures evolution with the 

consolidation time at a depth of 20 m from the ground surface. The differences 

between the numerical predictions for the three different column lengths are less 

pronounced. Longer columns (REF and P6) reduce the time needed for the excess 

pore water pressure dissipation more efficiently than the 5 m long columns (by a 

factor of approximately 1.6 and 3.3, respectively). However, the steepness of the 

excess pore water pressure dissipation curve for simulations REF and P6 (especially 

in the final part) is similar.  

The plot of the excess pore water pressures with time at a depth of 25 m is shown in 

Figure 4.24c. At this depth the influence of the length of the granular columns is less 

pronounced than at shallower depths. Inspection after approximately 500 days into 

the consolidation process revealed that for the simulation with 5 m long columns 

(P5) the values of the excess pore water pressures were almost 2 times greater than 

for the calculation where 15 m long columns were considered (P6). 
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Figure 4.24: Excess pore water pressure vs. time at depths of a) 15 m, b) 20 m and c) 25 m. 
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The excess pore water pressure contours after construction and after 

approximately 3 years of consolidation are plotted in Figures 4.25 and 4.26. As 

expected, after construction the distribution of the excess pore water pressures at a   

distance of 10 m from the embankment symmetry axis are not influenced by the 

stone columns length, whereas the pattern underneath the embankment seems to be 

affected, see Figure 4.25. The general distribution of the excess pore water pressures 

is found to be similar. The predicted excess pore water pressure at the base of the 

stone column at the centreline of the embankment is double in the case of the 5 m 

long columns than for cases of the 10 m and 15 m long columns. However, the base 

of the column close to the toe of the embankment experienced almost an identical 

amount of excess pore water pressure build up during construction (approximately 12 

kPa). Some local concentration of the excess pore water pressures in the stone 

column material can be seen in Figure 4.25 which is due to local numerical 

inaccuracies during undrained construction. 

The excess pore water pressure contours after approximately 3 years of 

consolidation are plotted in Figure 4.26. Different excess pore water pressure 

distributions were predicted for the various column lengths. Inspection of the 

untreated soil zone revealed a still notable concentration of excess pore water 

pressures in the case of the short (5 m long) stone columns, compared to the other 

cases. For simulations with 5 m long columns (P5), at the bases zero excess pore 

water pressures were predicted, however excess pore water pressures in-between the 

columns were not fully dissipated and the area beneath the treated soil experienced a 

greater amount of excess pore water pressures than in the case of the granular 

column with a length of 10 m or 15 m.  



Chapter 4                                                        Stone columns beneath an embankment 

____________________________________________________________________ 

159 

 

0 5 10 15 20 25 30 35 40

distance from symmetry axis [m]

-30

-25

-20

-15

-10

-5

d
e

p
th

 [
m

]

                   

0 2 4 6 8 10

distance from symmetry axis [m]

-20

-15

-10

-5

d
e
p

th
 [
m

]

 
a) 

 
 

0 5 10 15 20 25 30 35 40

distance from symmetry axis [m]

-30

-25

-20

-15

-10

-5

d
e
p
th

 [
m

]

                  

0 2 4 6 8 10

distance from symmetry axis [m]

-20

-15

-10

-5

d
e
p
th

 [
m

]

 
b) 

 
 

0 5 10 15 20 25 30 35 40

distance from symmetry axis [m]

-30

-25

-20

-15

-10

-5

d
e

p
th

 [
m

]

                  

0 2 4 6 8 10

distance from symmetry axis [m]

-20

-15

-10

-5

d
e
p

th
 [
m

]

        
c) 

 

Figure 4.25: Excess pore water pressures contours (in kPa) after construction for:  

a) P5 ( SCL = 5 m) b) REF ( SCL = 10 m) and c) P6 ( SCL = 15 m). 
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    c) 

Figure 4.26: Excess pore water pressures contours (in kPa) after 3 years into the consolidation for: 

a) P5 ( SCL = 5 m)  b) REF ( SCL = 10 m) and c) P6 ( SCL = 15 m). 
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The predicted magnitude of the excess pore water pressures for simulations REF 

(
SCL = 10 m) and P6 (

SCL = 15 m) was similar. It seems that the efficiency of the 

column foundation in terms of the dissipation of the excess pore water pressures can 

be ensured by installing the stone columns with the SCSC DL /  and SCSC SL /  equal to 

17 and 5, respectively. Above these values, the granular columns have a less 

pronounced effect on the numerical predictions. 

The evolution of the settlement reduction ratio sr with the volume replacement 

ratio rV  is presented in Figure 4.27. The volume replacement ratio is the ratio 

between the volume taken by the stone columns and the total soil volume.  
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Figure 4.27: Evolution of the settlement improvement ratio with the volume replacement ratio: 

column length. 
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It is obvious that the column length is one of the determining factors for the 

settlement predictions of the stone column foundation. However, although an 

increase in the settlement reduction ratio was predicted, when the length was beyond 

10 m no notable improvement was predicted. This suggests that the improvement 

occurs when the ratios SCSC DL /  and SCSC SL /  are less or equal to approximately 17 

and 5, respectively.  

Figures 4.28..4.30 show the predicted column deformation after construction 

and at the end of consolidation for the three different column lengths. All the 

deformation plots have been scaled up by 25 times to enhance the mechanisms. One 

can see that the predicted deformation at the end of construction occurs in the upper 

part of the stone column, regardless of the column length, whereas the bases of the 

columns remained undeformed. The deformation occurs in the upper part of the stone 

column at a depth of 2.8 to 3.7 times the column diameter. For short stone columns, 

where the ratio SCSC DL /  is equal to 8.33 the deformation occurred at a depth of 2.8 

to 3.2 times the diameter of the stone column, whereas for 15 m long columns (with 

ratio SCSC DL / = 25) the bulging occurred at a depth of 3.4 to 3.7 times the column 

diameter. This confirms previous studies which have suggested that the bulging 

mechanism occurs at a depth equal to 2 to 3 times the column diameter.  

McKelvey et al. (2004) indicated that the critical column length is 6/ =SCSC DL and 

concluded that above that value the deformation in the floating stone column beneath 

a footing occurs in the upper region of the column. The base of the granular column 

remains undeformed, which suggests little or no load transfer in that area. As the 
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presented parametric studies consider columns with the ratio 6/ >SCSC DL , the 

deformation would be expected in the upper column zone only. 
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Figure 4.28: Deformation pattern for simulation P5 ( SCL = 5 m); scaling factor 25. 
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Figure 4.29: Deformation pattern for simulation REF ( SCL = 10 m); scaling factor 25. 



Chapter 4                                                        Stone columns beneath an embankment 

____________________________________________________________________ 

164 

 
 
 
 
 

0 2 4 6 8

distance from the symmetry axis [m]

initial stage

embankment construction

end of consolidation

 

Figure 4.30: Deformation pattern for simulation P6 ( SCL = 15 m); scaling factor 25. 

 

The bulging predicted by the FE simulations matches largely the mechanisms 

described by Kirsch (2004). However, the mechanism predicted by the numerical 

simulations of the outer stone column is somehow more pronounced than that 

presented by Kirsch (2004). The centre column experiences a much smaller 

deformation than the columns located close to the embankment toe which can be 

explained by the restraint provided by neighbouring columns. 
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For the stone column at the symmetry axis of the embankment a more uniform 

deformation is observed, whereas the mechanism of bending and bulging is noticed 

for the edge columns. The stone columns close to the toe of an embankment have 

undergone a non-restrained deformation in the direction towards the untreated zone 

and experienced non-uniform loading from the fill material weight. 

In order to investigate the influence of the embankment height (i.e. the 

magnitude of the loading applied onto the improved area of the soft soil layer) on the 

optimum column length, additional simulations were performed. Evolution of the 

surface settlements with the column length SCL  is presented in Figure 4.31. One can 

see, as expected, that with an increase in the embankment height, the corresponding 

surface settlement increases. The rate at which the predicted surface settlements vary 

dependent on the column length is influenced by the embankment height; the change 

in settlements is more pronounced in the case of the higher embankment than in the 

case of a lower one. 
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Figure 4.31: Evolution of the surface settlement with the column length:  

influence of embankment height. 

Prediction of the settlement reduction ratio rs  as a function of the column 

length/spacing ratio SCSC SL /  and the column/diameter ratio SCSC DL /  for 

calculations in which the embankment heights (loading regime) have been varied are 

presented in Figures 4.32a and b, respectively. Research suggests that there is a 

certain SCSC SL / ratio and SCSC DL /  ratio beyond which improvement is less 

pronounced. The current study indicates that the optimum ratio is about 5 and 17 for 

the SCSC SL /  and the SCSC DL /  ratios, respectively.  

 

4.5.4. Conclusions on the effect of the physical 

properties 

 

The assessment of the physical properties of the stone columns has been conducted, 

by varying the column diameter, spacing and the length. The studies considered both 

the short and long term behaviour of the stone column foundation on a soft soil 

deposit.  

As expected, the settlement reduction ratio rs reduced as the column diameter 

increased. Additionally, increasing the column diameter reduced the horizontal 

displacement contours at depth. When the soil is the subject of non uniform loading 

(as in the case of an embankment slope) it displaces laterally in a greater manner.  

The columns spacing/diameter ratio SCSC DS /  had a significant influence on 

the settlement reduction ratio rs . 
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Figure 4.32: Influence of the embankment height on the: a) SCSC SL /  and b) SCSC DL / . 
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To illustrate that, results for the whole set of parametric studies dealing with the 

geometry of the stone columns are summarised in Figure 4.33 by plotting the impact 

of the SCSC DS /  on the rs .  

Following the findings from this research, a relationship between the settlement 

reduction ratio rs and the column/spacing ratio SCSC DS /  was established using two 

different approaches. First, a logarithmic relationship going through all the data 

points was determined, this is drawn in Figure 4.33 as a bold black line. This 

relationship is defined as: 

 08.0)/ln(74.0 −×= SCSCr DSs  (4.3) 

Then, an alternative simple bi-linear relationship for the considered benchmark 

problem was also defined, and is plotted in Figure 4.33 as dotted red lines, for case 

8.2/ 〈SCSC DS  and 8.2/ ≥SCSC DS , respectively. This relationship can be 

described as follows: 

 





≥+×

〈−×
=

8.2/11.0/21.0

8.2/25.0/33.0

SCSCSCSC

SCSCSCSC

r
DSifDS

DSifDS
s  

(4.4) 

In order to check the validity of Eq.(4.3) and (4.4), some hand calculations and a few 

additional numerical simulations  were performed: with the SCSC DS /  equal to 2 and 

4, respectively. Predictions in the form of the settlement reduction ratios related to 

the column spacing/diameter ratio are presented in Figure 4.34.  

Application of the FE leads to a corresponding value of the settlement reduction ratio 

for the case where  2/ =SCSC DS  and 4/ =SCSC DS  of 0.40 and 0.92 respectively, 

see Figure 4.34. 
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Figure 4.33: Evolution of the SCSC DS / ratio with the settlement reduction ratio.  

 

Using Eq. (4.3) one can calculate an expected settlement reduction ratio rs as: 

 





==−×

==−×
=

4/95.008.0)4ln(74.0

2/43.008.0)2ln(74.0

SCSC

SCSC

r
DSif

DSif
s  

(4.5) 

However, using Eq.(4.4) one can calculate an expected settlement reduction ratio 

rs as: 

 





==+×

==−×
=

4/94.011.0421.0

2/41.025.0233.0

SCSC

SCSC

r
DSif

DSif
s  

(4.6) 

Although, the differences between calculations with Eq. (4.3) and Eq. (4.4) are small, 

it seems that the bi-linear relationship describes the predicted settlement reduction 
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ratio for the certain 
SCSC DS /  values considered in the boundary value problem 

better, see Figure 4.34. Additionally, field data corresponding to floating stone 

columns installed in a square grid as a support for embankments as presented by 

Raju et al. (2004) and Raju (1997) are presented in Figure 4.34.  
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Figure 4.34: Validation of the linear and logarithmic relationships between the rs and the 

SCSC DS / ratio.  
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In each case the stone columns were constructed in soft Malaysian silt and clay. The 

lack of field data, where the 
SCSC DS / ratio is equal to or more than 2.8, means that 

only preliminary conclusions can be drawn, however the bi-linear relationship shows 

good agreement with the reported field data. Current numerical simulations suggest 

that there is a certain SCSC DS /  ratio beyond which improvement in terms of 

settlement is marginal. The current study indicates that the optimum ratio, beyond 

which the rate of increase of the benefits reduces, is about 2.7..2.8. Proposed 

relationships can be used as guidance on the expected settlement reduction ratio 

when z specific  SCSC DS /  ratio is assumed. Future research should be conducted in 

order to study the sensitivity of the over-consolidation ratio on the SCSC DS /  ratio 

and to determine the existence and possible form of similar relationships for different 

geotechnical problems where stone columns are used as a foundation in various 

engineering structures.  

Column spacing has a great influence on the settlement predictions, especially 

at the centreline of the embankment. This importance reduces with distance from the 

symmetry axis.  

The column length is of great significance for the consolidation process: longer 

columns enabled faster and more efficient dissipation of excess pore water pressures. 

However, when the 
SCSC DL /  and the 

SCSC SL /  ratios were more than 17 and 5, 

respectively, the influence on the predicted speed of the consolidation process was 

found to be marginal. Deformations in the upper part of the columns were found 

regardless of the column length. The stone columns under the embankment and the 

embankment slope are to experience little deformation as the neighbouring columns 
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provide restraint. The columns close to the toe of the embankment experience non-

restrained deformations in the direction towards the unimproved soil.  

The optimum SCSC DL /  and SCSC SL /  ratio value was found to be less or equal 

to 17 and 5, respectively. The numerical results suggest that the magnitude of load 

(embankment height) has little influence on the optimum SCSC DL /  and SCSC SL /  

ratios in the case considered. As expected, it was found that the rate at which the 

surface settlements occur for the different column lengths varies with the 

embankment height and that the change in settlement value is more pronounced in 

the case of a higher rather than a lower embankment. 

 

4.6. Influence of thickness of the soft deposit  

 

As stone columns in practice are installed either as floating or end-bearing columns, 

numerical simulations considering granular columns constructed on a rigid layer 

were also performed. Additionally, an analysis varying the soft deposit thickness 

from 10 to 30 m was conducted. 

Similar to the other FE analysis of the reference analysis, the soft deposit was 

simulated using the S-CLAY1S model and the bedrock, on which the stone columns 

were founded, was modelled using the simple Mohr-Coulomb model.  The soil 

profile of all cases is presented in Figure 4.35 and the summary of the different 

simulations is collated in Table 4.12.  
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Figure 4.35: Soil profile used in simulations investigating the influence of the soft deposit. 

 

Table 4.12: Variation of the soft deposit thickness. 

Thickness of 
soft layer 

SSd  

 

Type of 
columns 

 

rA  rV  
Set of 

parameters 

[m]  [-] [-] 

REF 30.0 Floating 0.07 0.02 

T1 20.0 Floating 0.07 0.04 

T2 10.0 End-bearing 0.07 0.07 

 

Figure 4.36 shows the stiffening effect of the soft deposit thickness along with 

selected field data results for end-bearing granular columns. The predictions for the 

numerical simulations considering floating stone columns and columns founded on 

the rigid strata are also presented.   
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Figure 4.36: Stiffening effect of thickness of soft deposit: parametric study and selected field data. 

 

It can be observed that end-bearing stone columns founded on a rigid layer gave a 

lower settlement reduction ratio rs  than both cases of floating columns (constructed 

in 20 m and 30 m thick soft layer, simulation REF and T1, respectively), which 

means that a greater amount of improvement was noticed for those granular columns. 

The field data presented on the plot considers the end-bearing stone column for 

different column diameters and lengths along with different column applications. An 

exceptional high settlement reduction ratio rs  for floating stone columns installed in 

a 30 m thick soft deposit (simulation REF) was due to the lack of the stiffening effect 

of a deeper bedrock layer. 
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Figure 4.37 shows the influence of the soft deposit thickness on the settlement 

reduction ratio rs . One can notice that an increase in the soft soil thickness resulted 

in an increase in the rs  value, however from a practical point of view the differences 

are marginal. In the case of the 10 m thick soft layer (T2), the stone columns were 

founded on the rigid stratum which gives additional support to the columns. 

The impact of the thickness of the soft deposit on the numerical predictions in 

terms of consolidation time is presented in Figure 4.38. For this plot the results for 

end-bearing and floating stone columns have been collated. One should remember 

that the numerical simulation considering the soft deposit thickness equal to 10 m 

was conducted for end-bearing granular columns (T2), whereas the results for the 

floating stone columns reflected the thickness of the soft stratum of 30 m (REF). 

Again, it can be observed that the time needed to finish the consolidation process is 

shorter in the case of the soft deposit with a smaller thickness (approximately by a 

factor of three). The effect of the thickness of the soft deposit on consolidation time 

is an important factor, far more important than the total settlement. Consequently, 

although floating stone columns can be very effective in overall settlement reduction, 

in the case of a thick soft stratum, column lengths may need to be extended in order 

to reduce the consolidation time. 
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Figure 4.37: Impact of the soft deposit thickness on the surface settlement. 
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Figure 4.38: Impact of the soft deposit thickness on the consolidation time. 
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4.6.1. Conclusions on the influence of thickness of soft 

deposit 

 

The impact of the soft deposit thickness on the stress-strain behaviour of soft clay 

improved with the floating and end-bearing stone columns was investigated in the 

above section. Thickness of the soft soil deposit is a significant factor for the 

predicted consolidation time and is of lower importance for the settlement reduction 

ratio rs . As floating stone columns can effectively reduce the settlement response, 

longer floating columns speed up the process of excess pore water pressure 

dissipation. Therefore, in the case of thick soft soil layer, optimisation of the column 

length is necessary, in order to achieve a desired rate of consolidation.  

 

4.7. Economical aspects of chosen stone column-

soil systems 

 

The economical cost of column construction has been calculated thanks to the 

courtesy of several leading geotechnical contractors in the United Kingdom who 

agreed to give an estimated average cost of the dry feed stone column, determined as 

approximately £54 per cubic meter of the column, (Bell, 2009 and Wlaź,2009). 

However, one should remember that the cost of applying stone columns into the soil 

is a combination of several factors, such as: 

• Local gravel price, 
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• Method of treatment, 

• Soil type, 

• Depth of construction, 

• Productivity, 

• Other (including the commercial aspects). 

In the calculations below none of these factors have been taken into consideration.  

Nevertheless, the numerical studies conducted allowed for determination of the 

most and the less effective application of the stone columns in the soft clay of 

Bothkennar. For the best system one can take the application where both the greatest 

settlement reduction ratio value was obtained and the amount of granular material 

required to form the stone columns is minimal. The information required for the 

determination of the first part of the above definition is presented in terms of the 

settlement reduction ratio sr in Figure 4.39 and tabulated in Table 4.13. For 

determination of the most and the less effective column foundation only simulations 

where the influence of the physical properties of the stone columns were investigated 

are used. 

Table 4.13: Summary of presented numerical simulations: parametric study. 

Parameter 

 

SCϕ  ref

SCoedE ,  SCD  SCS  SCL  SSd  

Settlement 
reduction 

ratio rs  

Simulation 

[o] [kN/m2]  [m] [m] [m] [m] [-] 

REF 42 80 000 0.6 2.0 10.0 30.0 0.818 

P1 42 80 000 0.7 2.0 10.0 30.0 0.696 

P2 42 80 000 0.8 2.0 10.0 30.0 0.581 

P3 42 80 000 0.6 1.7 10.0 30.0 0.696 

P4 42 80 000 0.6 2.3 10.0 30.0 0.899 

P5 42 80 000 0.6 2.0 5.0 30.0 0.838 

P6 42 80 000 0.6 2.0 15.0 30.0 0.818 
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Figure 4.39: Settlement reduction ratio vs. volume replacement ratio:  

economical aspects of the construction. 

 

One can see that the P2 stone column foundation gave the lowest settlement 

reduction ratio, which means that the improvement in the settlement response was 

the greatest. Moreover, the numerical predictions concluded that the P4 column 

foundation had the highest settlement reduction ratio resulting in the smallest 

improvement of the settlement response when compared with the unimproved soft 

soil beneath the embankment. From all of the analysed simulations the most effective 

system in terms of settlement reduction appears to be P2, which considers stone 

column with a diameter of 0.8 m installed up to a depth of 10 m and a c/c spacing of 
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2.0 m. The columns have an oedometric stiffness equal to 100 000 kN/m2, and the 

friction and dilatancy angles for the granular material are 42˚ and 12˚, respectively.  

Inspection of Figure 4.39 indicates that the less effective solution is application P4, 

where 0.6 m diameter columns were constructed at 2.3 m spacing up to a depth of 10 

m. Again the columns used for this system have an oedometer stiffness equal to 100 

000 kN/m2, and the friction and dilatancy angles for the granular material are 42˚ and 

12˚, respectively. One should note that the volume replacement ratio Vr, and 

subsequently the area replacement ratio Ar are of different values for simulations P2 

and P4. 

To take account of the economical aspects of application of the granular 

material, the costs associated with all the improvement systems considered in this 

chapter are presented in Figure 4.40 and are listed in Table 4.14. The cost of the 

particular systems was determined as the price for 1m3 of the improved soil beneath 

an embankment, and one should note that it does not take account of the array of 

factors listed above, such as local gravel price, productivity or mobilisation/de-

mobilisation of contractor. As the cost of application is calculated based on the 

volume of granular material required for the execution of the improvement 

technique, the systems in which the influence of the mechanical properties of stone 

column material and the thickness of soft soil are not taken into account in this study. 

The price of the most efficient system in terms of settlement reduction (P2) is almost 

twice as high as the less efficient system, however the required performance should 

be the determining factor in the design process, not the cost of the execution. 
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Figure 4.40: Cost of all considered systems: parametric study. 

 

Table 4.14: Economical aspect of all considered stone column-soil systems: parametric study. 

Cost per 1m3 

of column 

Cost per 

application 

System 

[£] [£] 

REF 54 687 

P1 54 935 

P2 54 1222 

P3 54 694 

P4 54 687 

P5 54 344 

P6 54 1031 
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In Table 4.15 the most and the least effective (in terms of settlement reduction) 

systems are listed along with the estimated cost per application and the predicted 

settlement reduction ratio rs . The simulation indicated as P2 results in a 35% 

reduction of the settlement in comparison with P4, see Table 4.15. 

 

Table 4.15: Economical aspect of the most and the least efficient stone column-soil system. 

Predicted surface 

settlement 

Predicted settlement 

reduction ratio sr 

Cost per 

application 

System 

[m] [-] [£] 

P2 0.086  0.581 1222 

P4 0.133 0.899 687 

 

4.8. Summary and Conclusions 

 

In this chapter the influence of several factors on the behaviour of the stone column 

foundation has been assessed. The benchmark study considered stone columns that 

were installed underneath an embankment in a soft soil stratum, represented by the 

Bothkennar clay. Simulations were performed using advanced constitutive S-

CLAY1S model to take account of anisotropy and destructuration of the soft soil 

deposit, implemented in the three-dimensional commercial finite element code 

PLAXIS. 

The evaluation of different aspects has been divided into three parts. The 

impact of the mechanical and physical properties of the stone column was 

investigated by varying factors such as the strength (expressed as angle of friction) 

and the stiffness of the granular material, and the diameter, spacing and length of the 
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stone columns. Afterwards, the effect of the thickness of the soft deposit was studied, 

considering both floating and end-bearing stone columns. Finally, the economical 

cost of the most and the least effective stone column-soil system determined during 

the numerical calculations has been briefly evaluated. It should be general practice 

that meeting the engineering requirements and not the cost of the execution of the 

ground improvement is the most important criterion during the design process.  

In order to emphasise the influence of the considered aspects on the numerical 

predictions, results for all the simulations conducted are presented as settlement-time 

plots in Figure 4.41. The greatest influence on the numerical stress-strain predictions 

was found for the column strength (expressed as angle of friction), column diameter 

and spacing. The length of the stone columns was found to be a secondary design 

parameter. The actual stiffness of the column material and the thickness of the soft 

soil deposit were found to have little influence on the numerical settlement 

predictions of considered column foundations.  

The column spacing/diameter SCSC DS /  ratio is one of the key design 

parameters suggested by the parametric studies presented herein. Numerical 

simulations and field data collected from the literature suggest typically a value of 

SCSC DS /  ratio of about 2.7..2.8, as with higher ratios the differences in settlement 

reduction ratio rs  are rather marginal.  

Additionally, a simple bi-linear relationship between the SCSC DS /  ratio and the 

settlement reduction ratio rs  was presented in Eq. (4.4): 

 




≥+×

〈−×
=

8.2/11.0/21.0

8.2/25.0/33.0

SCSCSCSC

SCSCSCSC

r
DSifDS

DSifDS
s  
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f) 

Figure 4.41: Time- settlement curve for parametric study- influence of: a) column strength, b) column 

stiffness, c) column diameter, d) column spacing, e) column length and f) soft soil thickness. 
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Future research should be conducted in order to determine the existence and possible 

form of similar simple relationships for different geotechnical problems where the 

stone column technique is used in engineering practice.  

Numerical simulations indicated also that the optimum column length can be 

defined as 17/ ≤SCSC DL and 5/ ≤SCSC SL . Moreover, the current research indicates 

that different loading regimes (expressed as the embankment height) within the 

studied range of values had little influence on the optimum 
SCSC DL / and 

SCSC SL /  

ratios.  

In terms of settlement reduction, floating columns appear to work as well as 

end bearing columns. Indeed, the results are very similar to those predicted by simple 

design methods for end bearing columns. This demonstrates how conservative the 

simple design methods are. However, as the thickness of the deposit increases, so 

does the time required for consolidation. Therefore, in deep deposits the length of the 

stone columns needs to be optimised in order to achieve a desired rate of 

consolidation.  

In all the simulations conducted, the columns were ‘wished-in-place’. The 

installation of stone columns changes the structure of the soil and also causes an 

increase in excess pore water pressures. Provided these excess pore water pressures 

are allowed to dissipate before construction, the installation effects are likely to be 

very beneficial. 
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5 

DEVELOPMENT AND VALIDATION OF 

THE ACM-S MODEL 

 

 

 

 

 

This chapter introduces the ACM-S model, a formulation developed based on the 

Anisotropic Creep Model (Leoni et al. 2008), which has been enhanced to account 

for interparticle bonding and destructuration. A brief description of the proposed 

model is given, followed by a validation of the model at the element test level 

(oedometer, long-term oedometer and undrained triaxial creep tests). This is then 

complemented by the analysis of a simple 2D benchmark problem to demonstrate 

that the ACM-S model can be applied at boundary value level. The comparison 

between the predictions by ACM-S and experimental results from laboratory tests 

shows that a model which considers destructuration can significantly increase the 

quality of the predictions of the ACM (Leoni et al. 2008), thus extending the 

applicability of the model to time-dependent behaviour of structured soft clays. The 

work presented in this chapter was carried out under the supervision of Dr Martino  

Leoni from Wechselwirkung- Numerische Geotechnik, Office Italiano (formerly of  
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the University of Stuttgart, Germany). 

 

5.1 Constitutive model ACM-S 

 

The proposed time-dependent model for soft soils, named ACM-S, is based on the 

Anisotropic Creep Model (ACM) by Leoni et al. (2008). Leoni et al. (2008) 

demonstrated that this viscous model, which accounts for the evolution of large strain 

anisotropy, predicts the viscous strains in both compression and extension stress 

paths for normally consolidated (NC) and lightly over-consolidated natural soft soils.  

The ACM model incorporates rotated ellipsoidal surfaces adopted from 

Wheeler et al. (2003) as the normal consolidation surface (NCS) and the current 

stress surface (CSS), as shown on Figure 5.1 for the simplified case of triaxial stress 

space considering a cross-anisotropic sample. In general stress space these ellipses 

are defined in terms of a mixed formulation, that includes a deviatoric fabric tensor 

to describe the arrangement of the fabric, see Wheeler et al. (2003) for details and 

Leoni et al. (2008) for the general formulation of ACM. The ACM-S model 

incorporates in addition to the rotational hardening law a destructuration law, which 

describes the evolution of the particle bonding.  

Following the classical elasto-plastic theory, the total strains are composed 

from elastic and irrecoverable components: 

 c

ij

e

ijij εεε && +=  (5.1) 

where ijε&  is the total strain rate tensor and the superscripts e and c refer to the elastic 

and creep components, respectively.  
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Figure 5.1: Yield surfaces of the ACM-S model in triaxial stress space. 

 

The current stress point defines the so-called Current Stress Surface (CSS). In 

triaxial stress space the size of the CSS is defined as: 

 ( )

( )

2

'

2 2eq

q p
p p

M p

α

α

′− ⋅
′= +

′− ⋅
 

(5.2) 

where the scalar parameter α  describes the orientation of the NCS in triaxial stress 

space. 

The normal consolidation surface (NCS) is defined by
''

peq pp = , where 
'

pp  is 

the pre-consolidation pressure. The pre-consolidation pressure 
'

pp  evolves the 

volumetric creep strain c

vε  according to the hardening law: 

 












−
−⋅=

**0

' exp'
κλ

ε

i

c

l
pp pp  

(5.3) 
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where *

iλ  and *κ  are the intrinsic modified compression index and modified swelling 

index,  respectively defined as )1/(* 0eii += λλ  and )1/(* 0e+= κκ , where iλ and 

κ are the slopes of the intrinsic compression and swelling line in the 'ln pe − plane 

and 0e
 
is the initial void ratio.  

The distance between the CSS and NCS is treated as a generalised over-

consolidation ratio 
''

/* eqp ppOCR = . Creep volumetric strains are defined as: 

 β

τ

µ
ε 








=

*

1*

OCR

ic

v
&  

(5.4) 

where *

iµ  is the intrinsic modified creep index , β  is the creep exponent and τ  is 

the reference time. The creep exponent is defined as: 

 

*

**

i

i

µ

κλ
β

−
=  

(5.5) 

and *

iµ can be linked to the coefficient of secondary compression, Cα by: 

 

)1(10ln 0

*

e

C
i

+
= αµ  

(5.6) 

The admissible stress states are bounded by the Argyris failure criterion (AR) 

(Argyris et al., 1974), which is analogous to the Matsuoka-Nakai failure envelope 

(Matsuoka & Nakai, 1982), but has a simpler mathematical form than the Matsuoka-

Nakai model. This failure criterion is presented in both triaxial stress space and the 

octahedral plane in Figure 5.2. One can see that the AR criterion coincides with 

Mohr-Coulomb (MC) at all apexes corresponding to triaxial extension and 

compression, Figure 5.2. 
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Figure 5.2: The Argyris failure criterion in octahedral plane. 

 

5.1.1 Anisotropy 

 

The ACM-S model incorporates the same rotational hardening law describing the 

rotation of the constitutive surfaces as used in the ACM model. The rotational 

hardening law in ACM was described in Chapter 2 and will be not repeated here.  

 

5.1.2 Destructuration 

 

ACM-S incorporates a destructuration law, which relates the reduction of bonding to 

volumetric and deviatoric creep strains. The scalar state variable 0χ  describes the 
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amount of particle bonding and with the degradation of the bonds the value of 
0χ  

ultimately reduces to zero, following the ideas by Karstunen et al. (2005): 

 )(00

c

dd

c

v ddd εξεχξχ ⋅+⋅⋅−=  (5.7) 

where 0χ  is the initial amount of bonding and the parameters ξ  and dξ control the 

absolute and relative rate of destructuration of bonds. Further detail on the calibration 

of the destructuration parameters is given in the following section. 

 

5.1.3 Soil constants and state variables of the ACM-S 

model 

 

The proposed model incorporates two additional soil parameters, ξ and, dξ  and one 

additional state variable χ ; the initial value for χ and the soil parameters ξ  and 
dξ  

can be estimated based on standard laboratory tests. Advice regarding how to 

evaluate each of them is given in Tables 5.1 and 5.2. The parameters used for the 

ACM-S model can be divided into four groups. The first group refers to standard 

constants and state variables, whereas the second group of parameters are related to 

time-dependency (Table 5.1). The third group relates to anisotropy (Table 5.2) and 

the fourth group are parameters related to interparticle bonding and destructuration 

(Table 5.2).  
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Group Parameter Notation Estimated from 

'c  Apparent effective cohesion Undrained consolidated triaxial test or drained consolidated triaxial test 

 

'ϕ  Angle of friction at critical state Undrained consolidated triaxial test, drained consolidated triaxial test  
 

ψ  Angle of dilatancy Assumed to be equal to zero for soft normally consolidated or slightly over-

consolidated clays 

 

 

 

 

 

 

Soil constants 

and initial state 

parameters POP/OCR Pre- overburden pressure/ 

Over- consolidation ratio Oedometer test as:
'

0

'

0 vpPOP σσ −=         '

0

'

0

v

pOCR
σ

σ
=

 
 

*

iµ  Modified intrinsic creep index 

)1(10ln
*

,

e

C i

i
+

= αµ , where 
iC ,α  is estimated from the consolidation curve 

obtained from an oedometer test with constant load at high stress level 

 

 

Time- 

dependency 

constants 

 

τ  Reference time Duration of the test,  equal to 1 if the test lasts for 1 day 

 

1
9
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Group Parameter Notation Estimated from 

0α  Initial anisotropy 

Critical state stress ratio as: 
3

2

0

2

00
K

K

M η
ηα

−
−= ,  

where 
M

M
K

−
=

6

3
0η

 
ω  Absolute rate of yield surface 

rotation 

d

d

M

M
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210
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dω  Relative rate of yield surface 

rotation 
)2(8
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*

iλ  Modified intrinsic compression 

index 
)1/(* eii += λλ , where λi is determined from the one-dimensional 

oedometer test on a reconstituted sample or on a natural soil at very high 

stress levels 

 

 

 

 

 

 

 

 

 

 

Anisotropy 

constants 

*κ  Modified swelling index )1/(* e+= κκ , where κ is determined from the one- dimensional 

oedometer test on a natural soil 

 

0χ  
Initial bonding parameter Sensitivity of the soil St using 10 −= tSχ

 
 

ξ  Absolute effectiveness of 

destructuration 

 Typically 8 .. 12, can be determined from triaxial test at very low value  

of stress ratio 

 

 

Destructuration  

initial state 

parameters and 

constants  

dξ  Relative effectiveness of 

destructuration 

 Typically 0.1 .. 0.3, can be determined from triaxial test at very high value 

of stress  ratio 

 

 

1
9
3

 



Chapter 5                                          Development and validation of the ACM-S model 

____________________________________________________________________ 

194 

In-house data on soft clays from Finland and that published on Scottish 

Bothkennar clay by McGinty (2006) indicate that the relationship between the 

intrinsic modified compression index *

iλ  and modified swelling index *κ can be 

expressed as 8..4/
**

=κλi , but that this ratio is likely to be highly dependent on clay 

mineralogy. 

Many researchers investigated the relationship between the intrinsic modified 

creep index *

iµ  and the intrinsic modified compression index *

iλ , see among others 

Mesri & Godlewski (1977), Kabbaj et al. (1988), Kim & Leroueil (2001). The lower 

and upper bound of ** / ii λµ  ratio can be found in the literature, as that presented by 

Mesri et al. (1995) and recalled in Table 5.3. 

In light of the above considerations, the large amount of model parameters is 

compensated by their simple determination. In very preliminary calculations, the 

calibration of the model parameters can be carried out by means of well-established 

correlations (i.e. presented by Mesri et al., 1995), thus not requiring major effort. 

However, in all the cases where laboratory tests need to be performed, only routine 

tests are required. For all of these reasons, there is the potential for the practical 

application of ACM-S in the day-to-day engineering of soft soils. 

 

Table 5.3. Viscous parameters for geotechnical materials (adopted from Mesri et al., 1995). 

 
** / ii λµ   

 

Material [-] 

Granular soils, including rockfill 

 

0.02±0.01 

Shale and mudstone 

 

0.03±0.01 

Inorganic clays and silts 

 

0.04±0.01 

Organic clays and silts 

 

0.05±0.01 

Peat and muskeg 0.06±0.01 
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5.2 Numerical validation of ACM-S 

 

A constant strain-rate oedometer test, a long-term oedometer and undrained triaxial 

creep test were numerically simulated to demonstrate the capability of the proposed 

model to qualitatively describe the behaviour of soft natural soils. Additionally, a 

benchmark embankment was simulated to check the performance of the ACM-S 

model in a simple geotechnical boundary value problem.  

The soil constants and state variables of the natural clays considered, namely 

Batiscan clay (Canada), Berthierville clay (Canada), Vanttila clay (Finland) and 

Bothkennar clay (Scotland) are shown in Table 5.4 and 5.5. For comparison, all 

simulations were additionally performed with the ACM model, which ignores the 

effect of bonding and destructuration. The apparent pre-consolidation of the soil has 

been represented by the pre-overburden pressure POP , defined as the difference 

between the apparent pre-consolidation stress (based on 24 hour oedometer tests) and 

the in-situ vertical effective stress.  

 

5.2.1 Constant strain rate oedometer test 

 

The constant strain-rate oedometer tests on Batiscan clay were conducted by Leroueil 

et al. (1985) on samples that were 19 mm height and 50.8 mm in diameter. Drainage 

was only allowed at the top of the specimens and the strain rate varied from 1.43·10
-5

 

s
-1 

to 1.07·10
-7

 s
-1

. The vertical effective stress in the field '

vσ  at a depth of 7.3 m, 

corresponding to the depth from which the samples were taken, was estimated to be 

equal to 65 kPa, and this was taken as the initial stress for the simulations.  
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Values of the apparent effective cohesion, angle of friction at critical state 

and dilatancy angle were assumed after Rocchi et al. (2003). The slopes of the 

compression and swelling lines in 'ln pe − plane and the void ratio were determined 

from oedometers tests on natural samples from a depth of 7.3 m using the laboratory 

test results from Leroueil et al. (1985): λ  and iλ  were calculated from plots at strain 

levels of 3..9% and 20..25%, respectively. Based on results from oedometer tests, the 

void ratio and the initial amount of bonding were found to be 1.92 and 2, 

respectively. Using results from oedometer tests, the intrinsic modified compression 

index *

iλ  and the modified compression index used in the ACM model was 

determined as 0.1404 and 0.5616, respectively. A value of the modified swelling 

ratio *κ  was calculated as 0.0127 and this value was applied for simulations carried 

out with both the ACM-S and ACM models.  

Different values of the modified creep index had to be input for the case of the 

structured material (simulations with ACM-S) and for the case without any structure 

and bonding effects (modelled with ACM). If results of an oedometer test on a 

natural sample with a high stress level applied are not available, one can use the 

lower and upper bound ** / ii λµ  range established by Mesri et al. (1995). In the case 

of simulations of constant strain rate oedometer tests on Batiscan clay, the ratio 

** / ii λµ
 
of 0.05 was defined. 

The value of the relative effectiveness of destructuration dξ and the absolute 

effectiveness of destructuration ξ  was taken from typical values for soft clays, see 

Table 5.2.  

The input parameters for ACM-S and ACM models are summarised in Tables 

5.4 and 5.5. As during one-dimensional consolidation no further rotation of the yield 
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surface is expected, the numerical simulations should highlight only the effect of 

destructuration on the predictions. 

 

Table 5.4: Soil constants, initial state parameters and time-dependency constants for 

constant strain rate oedometer test on Batiscan clay. 

 

Soil Model ν' c’ φ' POP µi
*
/µ

* 
τ 

  [-] [kPa] [°]  [kPa] [-] [day] 

ACM-S     0.007   

Batiscan  0.3 0 25 35  1 

 ACM     0.020  

 

Table 5.5: Anisotropy soil constants and destructuration initial state parameters and constants for 

constant strain rate oedometer test on Batiscan clay. 

 

Soil Model λi
*
/λ

* κ
* 

ω
 

ωd
 

χ ξ  
dξ  

  [-] [-] [-] [-] [-] [-] [-] 

ACM-S 0.1404    2 10 0.3  

Batiscan   0.0127 10 0.5    

 ACM 0.5616    - - - 

 

The agreement achieved between the experimental and numerical results using 

both the ACM-S and ACM models is shown in Figure 5.4. Both models are able to 

represent the strain-rate effect on the pre-consolidation pressure. The ACM-S model 

is able to predict the curvature in the oedometer tests very well, whereas the ACM 

model over-predicts the final part of the curve. These results show that taking 

account of destructuration enables accurate predictions of the stress-strain behaviour 

over the whole stress range.  
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Figure 5.4: Oedometer test on Batiscan clay: experimental data versus numerical simulations  

using the ACM-S and ACM models. 

 

5.2.2 Long- term oedometer test 

 

Long-term oedometer tests were performed on Berthierville clay by Kabbaj (1985) 

and Kabbaj et al. (1988). On samples with a height of 20 mm and a diameter of 75 

mm, a vertical stress was applied varying from 39 to 135 kPa. As previously 

mentioned, in oedometer tests the influence of anisotropy is insignificant and 

therefore only the effect of destructuration can be investigated with the model 

predictions. As the values of the destructuration parameters were assumed (ξ , dξ and 

0χ ), the simulations of the long-term oedometer test on Berthierville clay can give 

qualitative predictions only. 
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For numerical simulations the slopes of the swelling and the intrinsic 

compression lines were determined independently using long-term oedometer tests 

performed by Kabbaj et al. (1988) on Berthierville sample from a depth of 3.4 m. 

The relationship between the secondary compression index αC and the compression 

index cC
 

and, subsequently between the modified intrinsic compression index 

*

iµ and the intrinsic value of the modified compression index *

iλ , was assumed to be 

equal to 0.04, as indicated by Mesri & Castro (1987) and Leroueil & Marques 

(1996). Due to a lack of laboratory test results, to calibrate the destructuration 

parameters (ξ ,
dξ and 

0χ ) a typical range of values were assumed, see Tables 5.6 

and 5.7.  

 

Table 5.6: Soil constants, initial state parameters and time-dependency constants for 

long-term oedometer test on Berthierville clay. 

 

Soil Model ν' c’ φ' POP µi
*
/µ

* 
τ 

  [-] [kPa] [°]  [kPa] [-] [day] 

 ACM-S     0.0050  

Bertherville  0.2 0 23 48  1 

 ACM     0.0104  

 

Table 5.7: Anisotropy soil constants and destructuration initial state parameters and constants for 

long-term oedometer test on Berthierville clay. 

 

Soil Model λi
*
/λ

* κ
* 

ω
 

ωd
 

χ ξ  
dξ  

  [-] [-] [-] [-] [-] [-] [-] 

ACM-S 0.13    0.5 11 0.3  

Bertherville   0.011 10.3 0.4    

 ACM 0.26    - - - 

 

Figure 5.5 presents the volumetric strain versus time for six applied stress 

levels. A good agreement between the experimental and numerical results was 
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achieved. For all applied stress levels the ACM-S model overestimates the 

settlements having predicted reasonably well the trend of the settlement for higher 

stress levels. The ACM model significantly overestimates the evolution of the 

settlements in time, which proves that destructuration heavily affects the behaviour 

of the soft soil.  
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Figure 5.5: Long-term oedometer test on Berthierville clay:  

experimental data versus numerical simulations using the ACM-S and ACM models. 

 

5.2.3 Undrained triaxial creep test 

 

Undrained triaxial creep tests were conducted on samples from a depth of 3 to 3.5 m 

on Vantilla clay, soft clay from Finland, by Yin et al. (in press). The height of the 

specimens was 100 mm and the diameter 50 mm. The tests were carried out under 

three different deviator stress levels after applying an identical consolidation stage 

( 9.26'

1 =σ kPa, 5.16'

3 =σ  kPa ) which lasted for two weeks, see Table 5.8.   
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Table 5.8: Undrained triaxial creep tests on Vantilla clay: numerical validation of ACM-S. 

 

Depth γ e0 

 

Applied stress  

[kPa] 

 

Test 

[m] [kN/m3] [-] 

σ
’
1 σ

’
3 

CAUCR1 

 

3.16..3.27 

 

13.61 

 

3.308 

 

31.0 16.5 

CAUCR2 

 

3.31..3.42 

 

13.77 

 

3.145 

 

31.5 14.2 

CAUCR3 3.05..3.15 13.54 3.308 36.5 16.5 

 

For FE analyses, the results from standard consolidated undrained triaxial and 

oedometer tests on natural and reconstituted samples were used to determine the 

values for the soil parameters, see Koskinen & Karstunen (2004) and Karstunen & 

Koskinen (2008). Based on these, the intrinsic modified compression index and the 

modified swelling index were calculated. Then, the relationship between the intrinsic 

modified creep index *

iµ
 
and the intrinsic modified compression index *

iλ
 
was 

assumed to be 04.0/ ** =ii λµ , in accordance with the value proposed by Mesri et al. 

(1995). An initial amount of bonding was chosen to represent the lower bound 

sensitivity range, based on the results from fall cone tests on intact and reconstituted 

samples and from oedometer tests presented by Yin & Karstunen (in press). 

Parameters ξ  and dξ  were assumed based on typical values for Finnish soft clay 

identified by Zentar et al. (2002). The values of the model parameters used for the 

numerical simulations are presented in Tables 5.9 and 5.10. The numerical creep 

tests were performed using the ACM-S and ACM models for three different stress 

levels, see Table 5.8. 
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Table 5.9: Soil constants, initial state parameters and time-dependency constants for 

undrained triaxial creep tests on Vantilla clay. 

 

Soil Model ν' c’ φ' POP µi
*
/µ

* 
τ 

  [-] [kPa] [°]  [kPa] [-] [day] 

ACM-S     0.003    

Vanttila  0.2 0 33.5 11.9  1 

 ACM     0.006  

 

Table 5.10: Anisotropy soil constants and destructuration initial state parameters and constants for 

undrained triaxial creep tests on Vantilla clay. 

 

Soil Model λi
*/λ* κ

* 
ω

 
ωd

 
χ ξ  

dξ  

  [-] [-] [-] [-] [-] [-] [-] 

ACM-S 0.075     50 11 0.2  

Vanttila   0.015 19.9 0.9    

 ACM 0.150    - - - 

 

The plot of the axial strain versus time for three applied stress levels (Figure 

5.6a) demonstrates that the ACM-S model reproduces the experimental results 

reasonably well, particularly for the high deviatoric stress level. ACM, in contrast, 

under-predicts the results for two of the three stress levels. The evolution of the 

change in pore pressures with time is presented in Figure 5.6b. For the intermediate 

deviatoric stress level (CAUCR2) the predictions given by both the ACM-S and 

ACM are good, whereas for the lowest and highest deviatoric stress level (CAUCR1 

and CAUCR3, respectively) only ACM-S gave reasonable good predictions of the 

pore pressures. 
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Figure 5.6: Triaxial creep test on Vanttila clay, experimental data versus numerical simulations  

using the ACM-S and ACM models:  

a) axial strain versus time and b) excess pore water pressure versus time. 
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The test conducted at the three deviatoric stress levels includes examples of the 

primary, secondary and tertiary (rupture) creep. Figure 5.7 presents the predicted 

axial strain rate versus time. Figure 5.7a shows mainly primary and secondary creep 

during test CAUCR1, and Figure 5.7b presents both primary and secondary creep 

during tests CAUCR2. The ACM-S model predicts the primary and secondary creep 

notably better than ACM. All three components of creep during test CAUCR3 can be 

seen in Figure 5.7c, where the soil sample failed due to an exponential increase in the 

strain rate with strains at a constant deviatoric stress (creep rupture). Although ACM-

S predicted the tertiary creep better than ACM, the predictions using the ACM-S 

model are still not fully satisfactory. 
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Figure 5.7: Triaxial creep test on Vanttila clay, axial strain rate versus time:. 

a) CAUCR1 b) CAUCR2 and c) CAUCR3.  
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5.2.4 2D boundary value problem 

 

The numerical analysis of an idealised embankment constructed on Scottish 

Bothkennar clay was performed to investigate the differences in the numerical 

predictions of the vertical and horizontal displacement of a real geotechnical 

problem, between the anisotropic creep model, capable of taking account of the 

destructuration of interparticle bonds (ACM-S) and the original model (ACM), 

which accounts only for anisotropy and the viscosity of the soft soil. The soft 

recently deposited marine sediment of Bothkennar is a cross-anisotropic and 

structured material which is high susceptibility for creep, and which has been studied 

extensively in field and laboratory tests, see Géotechnique (1992). 

The homogeneous subsoil was assumed to consist of three distinct layers with 

varying pre- overburden pressure POP (where
''

vpPOP σσ −= ). The unit weight was 

assumed to be equal to 16 kN/m
3
. As the deformation of the embankment is not 

relevant for the purposes of the present study, the embankment fill was modelled by 

using the elastic perfectly plastic Mohr-Coulomb model with a unit weight of 20 

kN/m
3
, Young’s modulus 'E = 40 000 kPa, Poisson’s ratio 'ν = 0.3, and effective 

friction angle 'ϕ = 38°. Cohesion and the dilatancy angle were set to zero. The 

groundwater table was assumed to be located 2 m below the ground surface.  

Bothkennar clay was simulated using the ACM-S and ACM models and the 

soil was assumed to be in a slightly over-consolidated state, with values for the 

lateral earth pressure at rest in agreement with Mayne and Kulhawy’s formula 

(Mayne & Kulhawy, 1982), which reads as follows: 

'sin'sin

00 )'sin1( ϕϕ ϕ OCROCRKK NC ⋅−=⋅= . As the over-consolidation of the soil is 

defined with POP , the relevant depth of the deposit shall be considered in 
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calculations of OCR  and, thus, of 
0K . Most settlements are expected to be in the 

shallow soil deposits, therefore for estimation of the OCR  a depth of 4 m, not half of 

the soft deposit, was chosen. Hence the OCR  can be calculated as: 

 

d

POPd
OCR

v

p

'

'
'

'

γ

γ

σ

σ +
==  

(5.8) 

Following that, the 
0K
 
value was determined to be equal to 0.5. The model geometry 

of the benchmark embankment is shown in Figure 5.8. The numerical analysis was 

performed using small deformations assumption. The construction of the 

embankment was simulated in five phases. The first construction phase, in which the 

first layer of the embankment was built (10 days), was followed by a consolidation 

stage of 30 days. Secondly, the completion of the construction up to a height of 2 

meters (10 days) and a final consolidation phase of 100 years were simulated. 

 

Figure 5.8: Geometry of the embankment constructed on Bothkennar clay and soil profile: 

 numerical simulations with the ACM-S and ACM models. 
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According to Nash et al. (1992A), Nash et al. (1992B) and Smith et al. (1992) 

the slope of the compression line for the natural and reconstituted samples of 

Bothkennar clay was found to be 0.30 and 0.15, respectively. Additionally, the slope 

of the swelling line κ  of the Bothkennar clay was determined as equal to 0.02. 

Those values were determined by laboratory testing, where the initial void ratio 0e   

was found to be equal to 2.0.  

Applying the simple relationship between the slope of the compression lines 

and the modified compression index, one can estimate the intrinsic modified 

compression index *

iλ  = 0.05 and the modified compression index *λ =0.1. The 

modified swelling index *κ  was calculated as *κ = 0.0067. The creep parameters for 

the reconstituted and natural soil were determined using the findings by Nash et al. 

(1992B) during the incremental loading oedometers tests that the ratio cCC /α is 

equal to 0.03..0.05, where αC  is the secondary compression index and cC
 
is the 

compression index of the natural soft soil sample.  

Over the years many studies have been conducted in order to study the 

relationship between the secondary compression index and the compression index, 

see Mesri & Godlewski (1977), Mesri & Castro (1987), Mesri (2001) or Mesri & 

Vardhanabhuti (2005). These authors concluded that for natural soils cCC /α  
is 

found to be between 0.02 and 0.1. The ratio of 04.0/ ** =ii λµ  applied for the 

numerical study is well within this range of values and corresponds to the values 

reported by Nash et al. (1992B). The parameters accounting for interparticle bonding 

effects and destructuration were assumed as suggested by Kamrat-Pietraszewska et 

al. (2008) resulting inξ , dξ  and 0χ
 
equal to 9, 0.2 and 8, respectively. All material 

parameters are given in Tables 5.11 and 5.12. 
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Table 5.11: Soil constants, initial state parameters and time-dependency constants for 

2D boundary value problem on Bothkennar clay. 

 

Soil Model ν' c’ φ' POP µi
*
/µ

* 
τ 

  [-] [kPa] [°]  [kPa] [-] [day] 

 ACM-S     0.002  

Bothkennar  0.2 0 37.5 10/20/30  1 

 ACM     0.004   

 

Table 5.12: Anisotropy soil constants and destructuration initial state parameters and constants for 

2D boundary value problem on Bothkennar clay. 

 

Soil Model λi
*/λ* κ

* 
ω

 
ωd

 
χ ξ  

dξ  

  [-] [-] [-] [-] [-] [-] [-] 

 ACM-S 0.05    8 9 0.2 

Bothkennar   0.0067 30 1    

 ACM 0.1    - - - 

 

Inspection of the evolution of the surface settlement with time for points at the 

embankment centreline, crest and toe (Figure 5.9) suggest that the ACM-S model 

predicts somewhat smaller settlement values than ACM, given it predicts an non-

constant apparent *λ  value.  

Surface settlement after construction and after 100 years into consolidation is 

presented in Figure 5.10. The importance of the modelling of the soft soil complexity 

can be seen particularly for the material subjected to loading (under the 

embankment); there the difference in the numerical predictions given by the ACM-S 

and ACM models is the greatest. However, outside the embankment footprint (in the 

unloaded area) both ACM-S and ACM predict unrealistic vertical displacements. 

Simulations carried out with the elasto-plastic S-CLAY1S model (Koskinen et al. 

2002, Karstunen et al. 2005) predicted the surface settlements of approximately 0.27 
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m after 100 years into the consolidation process at the centreline of the embankment, 

which is more than 4 times smaller than the deformation predicted by the ACM-S 

model in the current simulation.  
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Figure 5.9: Settlement evolution with time for points at the ground surface below centreline, crest and 

toe of Bothkennar embankment:  numerical simulations using the ACM-S and ACM models. 

 

 

As mentioned before, in the case of experimental data, one can use the 

relationship between the secondary compression and the compression indices as an 

indication regarding the magnitude of the creep of the studied deposit. However, the 

compression parameters must be carefully selected, as the application of unrealistic 

input values may lead to incorrect numerical predictions of the stress-strain 

behaviour of the deposit.  
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Figure 5.10: Surface settlement with the horizontal profile for numerical simulations with  

ACM-S and ACM after: a) construction and b) 100 years. 
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To illustrate how the compression indices influence the settlement calculations, the 

** / ii λµ
 
ratio applied for the soft layers in benchmark problem considered here for 

both the ACM-S and ACM models was assumed to be half and twice the value 

suggested by Mesri et al., 1995. The ratio between the secondary compression and 

the compression indices was assumed to be equal to 0.02 and 0.08, respectively. For 

the sake of completeness, Figure 5.11 also includes the settlement predictions after 

100 years into the consolidation process reproduced from Figure 5.10b. It is evident 

that the settlement changes dramatically with a change of the ** / ii λµ  ratio, see Figure 

5.11.  
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Figure 5.11: Influence of 
** / µλ on the surface settlement predictions, Bothkennar clay:  

numerical simulations using the ACM-S and ACM models. 

 

By setting ** / ii λµ  ratio to a low value of 0.02, one reduces the viscosity of the soft 

soil, leading to a decrease in the settlement. However, increasing ** / ii λµ  ratio to 
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0.08, results in an increase of the surface settlements up to an unrealistic value of 

approximately 2.5 m for a 2 m high embankment. In the unloaded area for 

08.0/ ** =ii λµ  the differences between the predictions given by ACM-S and ACM 

are much more pronounced, see Figure 5.11. Moreover, at the outer boundary the 

models predict unrealistic settlement values which are higher than those located close 

to the embankment. The ratio between the secondary compression and the 

compression indices is a fundamental soil property, and its influence is evident and 

therefore this relationship should be carefully determined. 

Horizontal movements versus depth at the toe and the crest of the embankment 

after 100 years into consolidation are shown in Figure 5.12. A negative value of the 

horizontal displacement indicates movement towards the symmetry axis of the 

embankment, whereas positive indicates movement towards the outer boundary of 

the geometry model. The effect of destructuration reduces, however only slightly, the 

predicted horizontal movements compared to the predictions given by the ACM 

model, this is also supported by Krenn (2008). Inspection of Figure 5.12 shows that 

the maximum horizontal movement of the subsoil occurs at a depth of approximately 

6 m, which coincides with both the discontinuity in the POP value and the 

embankment width. Predictions of horizontal displacements presented by Karstunen 

et al. (2010) using the S-CLAY1S and the EVP-SCLAY1S models for a similar 2D 

benchmark problem on Bothkennar clay are significantly smaller than those 

calculated using both the ACM-S and ACM models. In fact, the ratio between the 

maximum values of the vertical surface displacement and the lateral movement 

max,max, / xy δδ  for both S-CLAY1S and EVP-SCLAY1S as determined by Karstunen 

et al. (2010) was approximately equal to 9, whereas the simulations using ACM-S 

and ACM predicted that this ratio was equal to 14.  
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Figure 5.12 Evolution of horizontal displacement with depth after 100 years of consolidation for 

numerical simulations using ACM-S and ACM at the Bothkennar embankment: a) crest and b) toe. 
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The excess pore water pressures contours after construction and after 50 years 

of consolidation are plotted in Figures 5.13 and 5.14. The soil mechanics sign 

convention for pressure has been applied, where negative values refer suction. It can 

be noted that accounting for destructuration reduces the excess pore water pressure 

development during embankment construction, see Figure 5.13. Moreover, the extent 

of the excess pore water pressure bulb is wider in the case of the ACM model than 

was predicted using the ACM-S model. The excess pore water pressure contours 

after 50 years into the consolidation process are plotted in Figure 5.14. The increase 

in the value of the excess pore water pressures is attributed to the combined effect of 

creep and the Mandel-Cryer effect (Mandel, 1950 and Cryer, 1963) during coupled 

consolidation. That may suggest that the degree of consolidation, commonly referred 

to by engineering practitioners should be calculated based on settlements, rather than 

on the value of the excess pore water pressure. 

 

5.3 Summary and conclusions 

 

 

A new time-dependent model ACM-S, which accounts for viscosity, anisotropy and 

degradation of interparticle bonds, was used to simulate the behaviour of soft natural 

soils. The numerical validation considered constant strain-rate oedometer tests on 

Batiscan clay at different strain rate levels, long-term oedometer tests on 

Berthierville clay at different stress levels and undrained creep triaxial tests on 

Vantilla clay under different stress levels. Further, a benchmark embankment on 

Bothkennar clay was analysed using the ACM-S model. The comparison between the 

numerical predictions and experimental results was used to demonstrate the 
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capabilities of the ACM-S model in capturing soft soil features, such as viscosity, 

anisotropy and destructuration at the single element level.  

 

a)

10 20 30 40 50 60

distance from symmetry axis [m]

-30

-20

-10

d
e
p
th

 [
m

]

 

 

 

b) 

10 20 30 40 50 60

distance from symmetry axis [m]

-30

-20

-10

d
e
p
th

 [
m

]

 

 

Figure 5.13:  Numerical predictions of excess pore water pressures contours (in kPa) after 

construction for Bothkennar clay using: a) ACM-S and b) ACM. 
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Figure 5.15:  Numerical predictions of excess pore water pressures contours (in kPa) after 50 years of 

consolidation for Bothkennar clay using: a) ACM-S and b) ACM. 
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The proposed formulation is based on existing constitutive models for 

structured soft soils which are prone to creep (ACM and S-CLAY1S) and it has been 

implemented as a user-defined model into the commercial finite element code 

PLAXIS. The number of input soil parameters used for ACM-S has been kept to a 

minimum and all of them can be determined via laboratory testing of structured soft 

soil to ensure clarity with regard to the determination of the soil parameters. As the 

proposed model has a hierarchical form, some of the soft soil features, such 

anisotropy or interparticle bonding, can be simply switched off. The application of a 

coupled consolidation analysis in the finite element code PLAXIS in conjunction 

with the ACM-S model illustrated that boundary value problems in terms of both 

undrained and drained analysis can be carried out, which ensures the potentially wide 

applicability of the proposed model as an engineering tool. 

The proposed ACM-S model predicts well the soil behaviour during constant 

strain rate oedometer tests, predicting both the curvature and the rate-dependence of 

the pre-consolidation pressure, and it also simulates reasonably well the trend of the 

settlement for high stress levels applied during the numerical reproduction of long-

term oedometer tests. Inspecting the numerical predictions for undrained triaxial 

creep tests, the ACM-S model appears to reproduce the experimental results 

reasonably well, particularly for the higher axial stress level. Given the reasonably 

good agreement between the numerical simulations and the experimental results, the 

ACM-S model can be considered capable of capturing the essential features of soft 

soil behaviour, including the creep rupture phenomena. It has been shown that the 

model can be easily applied for both simulations of laboratory tests and boundary 

value problems. However, at the boundary value level the results predicted by the 

ACM-S model are far from satisfactory. The main limitations of the ACM-S model 

are (i) the over-prediction of both the vertical and horizontal displacements and (ii) 
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the unrealistic creep deformations predicted outside the embankment footprint 

(outside loaded area). The simulations using the ACM-S and ACM models indicate 

that the subsoil under its own self-weight (in the presence of in-situ stresses only) 

can result in significant creep settlements. A possible explanation for this 

phenomenon may lay in the formulation of ACM-S (and ACM) itself, as it is 

assumed that the normal consolidation surface (NCS) is the contour of the constant 

volumetric creep strain rate. That however, may lead to large volumetric creep strain 

increments between the 0K -line and the critical state line (CSL). Furthermore this 

may result in greater than expected horizontal movements, and following that greater 

vertical displacements. Therefore, this issue requires further investigation. 

Additionally, in the ACM-S model the concept that the ** / ii λµ  ratio is constant for a 

given soil is applied. This is not true for the EVP-SCLAY1S model (Karstunen & 

Yin, 2010). 
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6 

INFLUENCE OF CONSTITUTIVE MODEL 

ON NUMERICAL RESULTS: 3D STUDY 

 

 

 

 

 

In this chapter numerical simulations with different constitutive models have been 

performed to asses the impact of the constitutive models on the predicted response of 

an embankment constructed on soft soil improved with floating stone columns. For 

calculations six constitutive models were used to simulate the behaviour of the soft 

soil deposit:  

• Modified Cam Clay (Roscoe & Burland, 1968), 

• S-CLAY1 (Wheeler et al., 2003), 

• S-CLAY1S (Koskinen et al, 2002, Karstunen et al., 2005), 

• Soft Soil Creep Model (Brinkgreve, 2002), 

• Anisotropic Creep Model  (Leoni et al., 2008), 

• Anisotropic Creep Model with destructuration ACM-S. 
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The constitutive models used for this study were described in Chapters 2 and 5. The 

Modified Cam Clay (MCC) and the Soft Soil Creep model (SSC) are isotropic 

formulations, whereas the S-CLAY1 and the ACM models account for fabric 

anisotropy. 

The S-CLAY1S and the ACM-S models, introduced in Chapter 5, in addition 

to fabric anisotropy, also take into account the effect of interparticle bonding and the 

destructuration process. The MCC, S-CLAY1 and S-CLAY1S models are elasto-

plastic formulations, whereas the SCC, ACM and ACM-S are viscous constitutive 

models. The soft deposit was assumed to have the properties of the Bothkennar clay 

from Scotland. The aim of this chapter is to understand and demonstrate the 

difference between the alternative modelling approaches, and to study the influence 

of anisotropy, destructuration and time-dependency, and their combinations, on the 

stress-strain response of a soft deposit improved with stone columns. Moreover, the 

impact of the over-consolidation of the soil mass (expressed as pre-consolidation 

stress) on the numerical predictions of the initial stresses, construction stage and 

subsequent consolidation process is also discussed. 

 

6.1 Benchmark problem and numerical model 

 

The three-dimensional boundary value problem considers a soft soil improved by 

floating stone columns and it represents a typical application for stone columns: 

reducing the settlement of earth structures. The benchmark chosen for this chapter 

considers an embankment constructed on Bothkennar clay, soft clay from Scotland. 
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Similar to Chapter 4, the stone columns were used in order to reduce the total and 

differential settlements and the consolidation time. The effect of the different 

constitutive models on the stress-strain behaviour of the soil matrix during 

embankment construction and during the subsequent consolidation process was 

investigated. The effects of various constitutive models on soft clay response has 

been the subject of many studies, see Wiltafsky et al. (2003), Karstunen et al. (2006) 

or Krenn (2008).  However none of these studies considered time-dependency and 

secondary compression effects. Moreover, the majority of previous studies have 

investigated unimproved soft deposits, whereas especially in soft soils, ground 

improvement techniques, such as stone columns, are required. This chapter is an 

attempt to investigate that engineering problem in detail and the aspects influencing 

the behaviour of the soft soil are studied. The dimensions, geometry and simulation 

assumptions are the same as those used in the reference simulation in the benchmark 

study described in Chapter 4.  

To represent the layers of dry crust and the Bothkennar clay during simulations, 

six different constitutive models were chosen: MCC (Roscoe & Burland, 1968), S-

CLAY1 (Wheeler et al., 2003), S-CLAY1S (Koskinen et al., 2002 and Karstunen et 

al., 2005), SSC (Brinkgreve, 2002), ACM (Leoni et al., 2008) and as presented in 

Chapter 5, ACM-S. Table 6.1 summarises the capabilities of the constitutive models, 

specifying the specific soft soil characteristics which are considered in each model. 

The first three models (MCC, S-CLAY1 and S-CLAY1S) are incapable of taking 

account of the viscous behaviour of the soil, whereas the SSC, ACM and ACM-S 

models are viscous models. MCC and SSC are isotropic formulations. The aim of 

this numerical study is to apply two constitutive models widely accepted by the 
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engineering community and implemented in FE commercial code (MCC and SSC) 

and their more sophisticated and advanced extensions (S-CLAY1, S-CLAY1S, ACM 

and ACM-S) into a three-dimensional boundary value problem involving floating 

stone columns underneath an embankment.  

 

Table 6.1: Capabilities of chosen constitutive models and soil characteristics. 

Constitutive model Soil characteristic 
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Anisotropy  •  •   •  •  

Interparticle bonding and 

destructuration 

  •    •  

Viscosity     •  •  •  

 

For all simulations, PLAXIS 3D Foundation v.2.2 finite element code has been 

used, taking advantage of the three-dimensional modelling. A representative slice of 

the full geometry was used in the numerical simulations. A mesh with 7 200 

tetrahedral elements and approximately 80 000 degrees-of-freedom was used in the 

simulations. As for Chapter 4, mesh sensitivity studies were carried out before 

performing the parametric study in order to reduce the influence of the mesh on the 

results of the simulations. The computational time required to calculate the 

considered benchmark problem was equal to approximately 1 to 2 days due to the 

large number of degrees-of-freedom in each of the simulations and the complexity of 

the advanced constitutive models used. One should note that SSC is implemented 
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into PLAXIS 3D Foundation v.2.2 as a standard constitutive model, whereas all the 

other formulations were applied in FE software as user-defined soil models.  

 

6.2 Material properties 

 

To represent soft soil during this study, as in Chapter 4, the Bothkennar clay 

(Scotland) was selected. In the simulations the deposit was idealised by two layers: a 

slightly over-consolidated soft clay overlain by a 1m thick over-consolidated dry 

crust. This soft clay is a cross-anisotropic and structured material with a high 

susceptibility for creep indicated by extensive field and laboratory tests, see 

Géotechnique (1992). In the following section the properties for the soft soil 

(Bothkennar clay) and for the dry crust for each of the constitutive models used are 

presented.  

The state parameters and soil constants used as the input parameters for all six 

constitutive models are presented below. First, the parameters describing the S-

CLAY1S ‘family’ are given, as this model is a hierarchical extension of the isotropic 

MCC and anisotropic S-CLAY1 models. Then, the soil parameters used for the creep 

models (SSC, ACM and ACM-S) are presented. 
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6.2.1 S-CLAY1S- type models 

 

A detailed description of the S-CLAY1S ‘family’ of models (MCC, S-CLAY1 

and S-CLAY1S) was presented in Chapter 2. The state parameters and soil constants 

describing the clay and dry crust are shown in Tables 6.2..6.4. As emphasised in 

Chapter 2, S-CLAY1S is a hierarchical extension of the MCC model. It is possible to 

switch on or off certain features, such as the rotation of the yield surface or the initial 

amount of bonding. By setting ξ , dξ  and χ0 to zero values and using intrinsic rather 

than the apparent value of the slope of the normal compression line S-CLAY1S 

reduces to the anisotropic S-CLAY1 model and by setting parameters ω and α0 to 

zero it further reduces to the isotropic MCC model.  

 

6.2.2 Creep models 

 

The state parameters and soil constants describing the soil deposit with SSC, 

ACM and ACM-S are shown in Tables 6.5..6.8. The ACM-S model, which accounts 

for anisotropy, interparticle bonding and time-dependency of soft soil, is a 

hierarchical formulation, similar to S-CLAY1S, which allows for switching on or off 

certain soil mass features. It can be reduced to the ACM model by setting the initial 

amount of bonding to zero.  
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Table 6.2: Standard soil constants: MCC, S-CLAY1 and S-CLAY1S. 

Depth 

 

γ   

 

k 'ν  
M  κ  

iλλ /  Layer 

[m] [kN/m
3
] [m/s] [-] [-] [-] [-] 

Dry crust 0-1 19.0 1x10-9 0.2 1.51 0.02 0.3/0.15 

Bothkennar 

clay 

1-30 16.5  2.89x10
-9

 0.2 1.51 0.02 0.3/0.15 

 

 

Table 6.3: Advanced soil constants: MCC, S-CLAY1 and S-CLAY1S. 

Depth dω  

 

ω  

 
ξ  

dξ  

 

Layer 

[m] [-] [-] [-] [-] 

Dry crust 0-1 1 30 9 0.2 

Bothkennar 

clay 

1-30 1 50 9 0.2 

 

Table 6.4: State variables: MCC, S-CLAY1 and S-CLAY1S. 

Depth 
0e  0K  POP  

 

OCR 
0α  0χ  Layer 

[m] [-] [-] [kN/m
2
] [-] [-] [-] 

Dry crust 0-1 1.37 0.7 30 - 0.59 4 

Bothkennar 

clay 

1-30 2.0 0.5 - 1.5 0.59 8 

 

Table 6.5: Soil constants: SSC, ACM and ACM-S. 

Depth γ   k 

 

'ν  
 

φ' 

 

Layer 

[m] [kN/m
3
] [m/s] [-] [-] 

Dry crust 0-1 19.0 1x10-9 0.2 37 

Bothkennar 

clay 

1-30 16.5  2.89x10-9 0.2 37 

                          

Table 6.6: Additional soil constants: SSC, ACM and ACM-S. 

Depth POP  

 

OCR 

 
0K  

 

Layer 

[m] [kN/m
2
] [-] [-] 

Dry crust 0-1 30 - 0.7 

Bothkennar 

clay 

1-30 - 1.5 0.5 
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Table 6.7: Time-dependency and anisotropy constants: SSC, ACM and ACM-S. 

µ
*
 / µi

* 

 

τ 

 
λ

*
/ λi

*
 

 

κ
*
 

 

ω  

 

ωd 

 

Layer 

[-] [day] [-] [-] [-] [-] 

Dry crust 0.0021/0.0011 1 0.1266/0.0633 0.0084 30 1 

Bothkennar 

clay 

0.004/0.002 1 0.1/0.05 0.0067 50 1 

 

Table 6.8: Destructuration constants: SSC, ACM and ACM-S. 

χ0  

 
dξ  

 

ξ  

 

Layer 

[-] [-] [-] 

Dry crust 4 0.2 9 

Bothkennar 

clay 

8 0.2  9 

 

Over the years many studies have been conducted in order to investigate the 

relationship between the secondary compression and the compression 

indexes cCC /α , which for natural soils is found to be between 0.02 and 0.1, see 

Mesri & Godlewski (1977), Mesri & Castro (1987), Mesri (2001) or Mesri & 

Vardhanabhuti (2005). The creep parameters for reconstituted and natural soil are 

determined using findings by Nash et al. (1992) during the incremental loading 

oedometers tests on Bothkennar clay that the ratio cCC /α is equal to 0.03..0.05. 

Applied for the numerical study ratio of  04.0/ ** =ii λµ
 
 for Bothkennar clay is well 

within this range of values, and the intrinsic modified creep index was assumed to be 

equal to 0.002. 
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6.3 Numerical results 

 

The construction sequence has been assumed to be the same as in Chapter 4: first the 

installation of stone columns and the construction of the embankment took place 

under undrained conditions and was then followed by consolidation. The end of 

consolidation is defined as occurring when the value of the excess pore water 

pressures is equal to or less than 1 kPa. As the installation effects are not the subject 

of this research, they have not been taken into account. The stone columns 

underneath the embankment were simply ‘wished-in-place’ by switching the 

appropriate clusters with dry crust and the clay properties to a granular material. 

As the impact of the over-consolidation of the soft deposit on numerical 

predictions is a subject of some parts of this study, the value of the pre-consolidation 

stress has been changed for some of simulations. However, unless stated otherwise, 

the soft clay is assumed as slightly over-consolidated material with OCR  value equal 

to 1.5 and the dry crust layer is considered as over-consolidated and described with 

POP  value of 30 kPa. 

 

6.3.1 Vertical displacement 

 

The predicted surface settlements for the different constitutive models are presented 

in Figure 6.1, where both the settlement after construction (solid lines) and after 

consolidation (dashed lines) are shown for the S-CLAY1S and ACM-S group of 

models. As expected, all of the models predicted lower values of settlements in the 
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granular material than in the soil mass due to the greater bearing capacity of the 

columns than the surrounding soil. After construction the S-CLAY1S type models 

predict the same small surface heave (~3 mm) outside the embankment, which is not 

predicted by the creep models, and the predicted values are almost the same for all 

the elasto-plastic models. The maximum vertical displacement after construction was 

approximately 0.032 m and was predicted by SSC, whereas the smallest movement 

was predicted by the S-CLAY1S type of models, at approximately 0.025 m, see 

Figure 6.1.  

At the end of consolidation under the embankment the isotropic MCC model 

predicted a stiffer response than S-CLAY1 or S-CLAY1S, proving that considering 

soft soils as isotropic media results in an underestimation of the settlements (see 

Figure 6.1a). The maximum vertical displacement predicted by all six constitutive 

models was at the centreline of the embankment and the zero surface settlement point 

was located about 10 m from the symmetry axis for all models (which corresponds to 

the width of the embankment base). In reality, due to the installation of the stone 

columns the interparticle bonds will be damaged further and a greater vertical (and 

subsequently horizontal) movement may be anticipated. 

It has been previously proven by Karstunen et al. (2006) that the incorporation 

of plastic anisotropy increases the predicted settlements for an unimproved soft soil. 

In the current research ground improvement has been considered. The anisotropic S-

CLAY1 model predicts the highest values of settlements compared with the other 

elasto-plastic models. Results from the simulation with the S-CLAY1S model are in 

between the other two remaining analyses (MCC and S-CLAY1). The opposite 

behaviour is observed for SSC, ACM and ACM-S, where the isotropic SSC model 
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predicts notably higher vertical displacements. As the creep models generate creep 

strains in both the normally- and over-consolidated range, the predicted settlements 

are greater than those estimated by S-CLAY1S type of formulations. The SSC model 

implemented in the PLAXIS finite element code predicts very different and 

unrealistic magnitudes of the surface settlements when compared to the other viscous 

and all of the elasto-plastic models. Moreover, Figure 6.1b shows that time-

dependent constitutive models predict substantial (and unrealistic) vertical 

displacements in the area not subjected to any loading, so these deformations are 

simply trigged by the self-weight of the soil mass. Due to an increase of the creep 

strains with time in the ACM-S type of formulations, the settlement of the soil 

deposit and the creep process starts immediately without imposing any loading.  

This issue was further analysed by conducting additional numerical simulations 

with ACM-S. Before the construction of the stone columns and embankment began, 

a stage with in-situ stresses only, where the soft soil deposit was allowed to 

consolidate for an excessive period of time ( t = 10 000 years) under its own self-

weight was simulated. Next, the vertical and horizontal displacements were set to 

zero and the stone columns and embankment were constructed (as undrained 

actions), followed by the consolidation process. Figure 6.2 presents the settlement 

predictions after construction and consolidation for this simulation (in red) along 

with the comparative results shown in Figure 6.1 (in black). The procedure carried 

out, of resetting the displacements to zero after allowing for reconsolidation of the 

soft soil deposit, has little influence on the settlement predictions after construction. 
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Figure 6.1: Predicted surface settlements for 3D study after construction and consolidation:  

a) S-CLAY1S ‘family’ and b) creep models. 
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Figure 6.2: Influence of the modelling approach on predicted surface settlements for 3D study  

after construction and consolidation: ACM-S. 

 

However, its major influence on the numerical predictions is obvious when looking 

at the surface settlements after consolidation. Allowing for reconsolidation of the soft 

Bothkennar deposit, results in a reduction in the vertical displacement value 

approximately by a factor of 6. Moreover, as the soft soil has been already 

reconsolidated before the stone columns and the embankments are constructed, no 

self-weight settlements during unloading were predicted, see Figure 6.2. In fact, 

allowing for reconsolidation of the soft clay resulted in predicted surface settlements 

after construction and consolidation of the same magnitude that were predicted by 
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the elasto-plastic S-CLAY1S group of models. Inspection of the contours of the 

bonding parameter and the over-consolidation ratio in the soft soil deposit at the 

initial stage of simulation for the standard modelling approach and for the modelling 

approach allowing for reconsolidation led to conclusion that although the 

reconsolidation approach can be used for the issue of the unrealistic self-weight 

surface settlements predicted when using the time-dependent constitutive models, it 

is not realistic (and thus, effective) to apply it for numerical simulations of 

geotechnical problems.   

Following the findings in Chapter 5, studies of the influence of the ratio 

between the secondary compression index αC  and the compression index cC  on the 

surface settlements using ACM-S were conducted. For this part, the cCC /α  ratio (or 

ratio ** / ii λµ ) was chosen to be 0.08, which is two times higher than that found by 

Nash et al. (1992B) during the incremental loading oedometers tests on Bothkennar 

clay and the limits found by Mesri et al. (1995) for natural soils. Figure 6.3 presents 

the settlement predictions after construction and consolidation for this simulation (in 

red) along with the comparative results shown in Figure 6.1 (where the cCC /α  ratio 

was assumed to be equal to 0.04). It can be observed that the surface settlement 

changes dramatically with a change in the cCC /α  ratio, see Figure 6.3. By setting 

the cCC /α  ratio to a higher value, the viscosity of the soft soil increases, leading to 

an increase in the vertical displacement value. This increase is ultimately uniform, 

which results in a greater surface settlement at the outer boundary of the geometry 

model. The influence of this ratio on numerical predictions of stress-strain behaviour 

is evident and this relationship should be carefully determined. 
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Figure 6.3: Influence of the cCC /α  ratio on predicted surface settlements for 3D study  

after construction and consolidation: ACM-S. 

 

In order to asses the settlement reduction ratio rs  (which describes the 

reduction of the settlements due to the ground improvement), simulations in which 

the improvement of the soft soil is not considered were also performed. For the case 

modelled using isotropic MCC the settlement reduction ratio was equal to 0.553, 

whereas for S-CLAY1 and S-CLAY1S it was equal to 0.829 and 0.818, respectively. 

Accounting for anisotropy in the simulations with the elasto-plastic models increased 

the settlement reduction ratio rs  from 0.553, predicted by MCC, to 0.829 estimated 

by S-CLAY1 (which resulted in an increase in the vertical displacement value by 

almost 50 %). The influence of the combination of the anisotropy and interparticle 
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bonding effect resulted in a slight increase of the settlement improvement ratio for 

the numerical analysis when compared with the predictions made by the S-CLAY1 

model. For the case modelled with isotropic SSC model the settlement reduction 

ratio was equal to 0.424, whereas for ACM and ACM-S it was equal to 0.984 and 

0.988, respectively. Accounting for anisotropy in the simulations carried out with the 

time-dependent models, increased the settlement reduction ratio rs  from 0.424, 

predicted by SSC, to 0.988 estimated by ACM-S, which resulted in a reduction of the 

vertical displacement by approximately 133 %. The influence of the combination of 

the anisotropy and bonding effect resulted in a slight increase of the settlement 

improvement ratio for the numerical analysis.  

The evolution of the settlement with depth at the centreline of the embankment 

was also investigated. Point A (at the centreline of the granular material) was chosen 

for the investigation of vertical displacements versus depth, see Figure 6.4. Figure 

6.5 presents the predicted differential vertical displacements versus depth at the 

centreline of the embankment for point A for all of the constitutive models used.  

 

 

 

 

Figure 6.4: The chosen points for settlement analysis for 3D study: top view of geometry. 
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Figure 6.5: Predicted vertical displacements versus depth at the centreline of the embankment  

for 3D study for: a) S-CLAY1S ‘family’ and b) creep models. 
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It can be observed that both types of constitutive models predict different magnitudes 

of the movement and the general tendency of curvature. The time-dependent 

formulations estimated much greater vertical displacements at every point in the 

vertical profile than the elasto-plastic models (at most points by a factor of 10), see 

Figure 6.5. In the elasto-plastic models, the discrepancy between the predictions 

made by the models was observed solely at shallow depths, approximately from the 

ground level up to 5 m depth. This is due to the shape and inclination of the yield 

surfaces incorporated in the chosen constitutive models. Anisotropy influences the 

predictions of the vertical displacement forming the lower bound for the predictions. 

The vertical displacements decrease with depth, reaching 1 mm at a depth of 

approximately 25 m. Discrepancy between the predictions using the viscous models 

was much more pronounced than for the elasto-plastic models. The isotropic SSC 

model predicted unrealistically large movements, of different magnitude than the 

other models, at the ground surface of approximately 2.251 m. ACM and ACM-S 

predicted notably smaller values of the surface vertical displacements of 0.994 m and 

0.804 m, respectively. Additionally, the predictions given by the creep models do not 

predict as sharp a reduction in the settlements with depth as the elasto-plastic models, 

and the reduction in the vertical displacement value with depth takes place at a much 

smaller rate, reaching only 1 mm at the bottom of the geometry model (depth of 30 

m), see Figure 6.5b. Taking into account anisotropy, which was simulated with 

ACM, caused a reduction in the vertical settlements along the vertical profile. The 

vertical movement was further reduced by incorporating destructuration in the time-

dependent constitutive models.  
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6.3.2 Horizontal displacement 

 

The predicted lateral movements underneath the embankment toe after construction 

and consolidation are shown in Figures 6.6 and 6.7.  

Figure 6.6 presents the predicted horizontal displacements underneath the 

embankment toe versus depth after construction. After construction of the stone 

columns and the embankment, all of the models but one (SSC) predicted similar 

values of the horizontal displacements at the embankment toe, of approximately 

0.010 m. The isotropic SSC model predicted significantly larger horizontal 

displacements, of approximately 0.070 m, due to yielding at most of the stress points 

underneath the embankment, as found during inspection of the plastic points. 

Moreover, SSC predicted, in contrast to other models, that the horizontal 

displacement after construction was the greatest at the ground surface in the stiff dry 

crust layer and then gradually decreased with depth.  

Figure 6.7 presents the horizontal displacements after consolidation at the 

embankment toe. The largest horizontal displacements at the toe of embankment 

were again predicted by SSC, where approximately 0.130 m of lateral movement was 

predicted at the ground surface. All of the constitutive models except SSC predicted 

horizontal deformations of different (smaller) magnitudes. Again, and as expected, 

the elasto-plastic models predicted the lowest value of horizontal displacements, see 

Figure 6.7. The maximum horizontal movements were predicted by all but one (SSC) 

of the models at a depth of 1 m, coinciding with the discontinuity of 0K  and the 

over-consolidation pressure. That mechanism is particularly apparent for the ACM 
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and ACM-S models, see Figure 6.7b. Negative values of the horizontal 

displacements were predicted by the time-dependent ACM and ACM-S models as a 

result of high settlements pulling the embankment toe towards the centreline of the 

geometry model. Accounting for anisotropy in the elasto-plastic models led to a 

marginal reduction of the predicted lateral movements, and taking into account both 

anisotropy and destructuration further reduced the value of the horizontal 

displacements. For the time-dependent models, considering soil anisotropy also 

reduced the predicted lateral movements. Again, it can be observed that the 

horizontal displacements predicted by the SSC model were much higher than those 

predicted by the other formulations; this is most probably the result of assumed creep 

part of the model or a possible error in the numerical implementation of the SSC 

model enclosed in the PLAXIS code. This should be investigated in the future by 

further numerical simulations using the isotropic version of the ACM model (with 

0=α  and 0=ω ).  

 

6.3.3 Stress paths and stress contours 

 

For the studies on the influence of the constitutive models on the numerical 

predictions of selected stress paths the point corresponding to the surrounding soil 

(point B) was investigated, see Figure 6.4. 

Figures 6.8 and 6.9 present the selected stress paths at point B at two different 

depths below the centreline of the embankment: at the top of the clay layer (depth of 

1 m) and at the base level of the stone column (depth of 10 m). Plots are presented in 

terms of 't  and 's , where 2/)(' '

3

'

1 σσ −=t  and 2/)(' '

3

'

1 σσ +=s .  
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Figure 6.6: Predicted horizontal displacement versus vertical profile at the embankment toe after 

construction for 3D study for: a) S-CLAY1S ‘family’ and b) creep models. 
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b) 

 

Figure 6.7: Predicted horizontal displacement versus vertical profile at the embankment toe after 

consolidation for 3D study for: a) S-CLAY1S ‘family’ and b) creep models. 
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For detailed inspection of the stress paths at a depth of 1 m, the predictions 

given by all the constitutive models at point B are presented in Figure 6.8. The 

steepness of the stress paths is similar except for the isotropic MCC and SSC models. 

As the 0K -stress ratio of 0.70 was calculated for the 1D-consolidation of the  dry 

crust layer, the elasto-plastic S-CLAY1S and S-CLAY1S models and the time-

dependent ACM and ACM-S models predicted a somewhat more realistic stress 

path, with a gradient of 0.60, than the other formulations, see Figure 6.8. In contrast, 

the isotropic MCC and SSC models predicted gradients of the stress ratio of about 

0.41 and 0.24, respectively. The greatest influence on the numerical predictions was 

taking into account soil anisotropy, whereas the combination of both anisotropy and 

destructuration had little effect on the stress predictions. 
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Figure 6.8: Triaxial stress paths under the centreline of the embankment at a depth of 1 m  

for point B for S-CLAY1S ‘family’ and creep models.  
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For detailed inspection of the predicted stress paths in the soft soil deposit 

Figure 6.9 is presented. Only the isotropic MCC model predicted a much smaller 

magnitude of stress at point B, whereas the other elasto-plastic formulations, ACM 

and ACM-S predicted almost identical stress paths in the soft soil deposit at a depth 

of 10 m. It is evident that the influence of anisotropy and destructuration is small, but 

that the impact of accounting for soil anisotropy solely is much more pronounced. 
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Figure 6.9: Triaxial stress paths under the centreline of the embankment at a depth of 10 m for 

point B for S-CLAY1S ‘family’ and creep models.  

 

The predicted vertical effective stress contours along a horizontal profile at the 

centre of the stone columns after consolidation are presented in Figures 6.10 and 

6.11. All but one of the constitutive models (SSC) predicted similar overall contours 

of the vertical effective stresses.  
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Figure 6.10: Vertical effective stress (in kPa) contours after consolidation for:  

a) MCC b) S-CLAY1 and c) S-CLAY1S. 
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Figure 6.11: Vertical effective stress (in kPa) contours after consolidation for: 

a) SSC (PLAXIS) b) ACM and c) ACM-S. 
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Detailed inspection of the stone column improved area confirmed that the 

surrounding soil in the treated zone experienced much greater vertical effective 

stresses when predicted by the time-dependent models rather than by the elasto-

plastic formulations. Moreover, the granular columns experienced a higher amount 

of stress (170..180 kPa and 350..360 kPa with the elasto-plastic and time-dependent 

models, respectively) than the surrounding soil, especially in the shallow deposit of 

dry crust. Higher values of vertical effective stresses in the creep models rather than 

in the elasto-plastic models was due to negative skin friction.  

The predicted horizontal effective stress contours along a horizontal profile in 

at the centre of the stone columns after consolidation are presented in Figures 6.12 

and 6.13. The elasto-plastic constitutive models predicted overall higher levels of the 

horizontal effective stresses after consolidation than the creep models. In fact, the 

lowest overall maximum horizontal effective stresses were predicted by the isotropic 

SSC model. Moreover, in the case of the creep models some concentration of the 

horizontal effective stresses was predicted in the lower part of the columns, above 80 

kPa in some locations and 60 kPa for SSC and ACM/ACM-S, respectively. The 

elasto-plastic models predicted some horizontal effective stress concentration of 

about 40 kPa in the upper part of the columns.  
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Figure 6.12: Horizontal effective stress (in kPa) contours after consolidation for:  

a) MCC b) S-CLAY1 and c) S-CLAY1S. 
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Figure 6.13: Horizontal effective stress (in kPa) contours after consolidation for: 

a) SSC (PLAXIS) b) ACM and c) ACM-S. 
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6.3.4 Excess pore water pressures 

 

The stone columns speed up the dissipation of the excess pore water pressure, 

therefore an inspection of the excess pore water pressures at selected depths is of 

interest, see Figure 6.14. The evolution of excess pore water pressures with time in 

the soil mass surrounding the stone columns at a depth of 10 m (base level of the 

floating stone columns) and 15 m below the ground surface for all six constitutive 

models is presented in Figures 6.15 and 6.16.  

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6.14: Sketch of the benchmark geometry with selected points for the excess pore water 

pressures predictions: 3D study. 

 

Evolution of the excess pore water pressures at the level of the stone column 

bases (depth of 10 m) with time is shown in Figure 6.15. It is clear that all but one of 

the constitutive models (namely SSC) predicted very similar evolution of the excess 

pore water pressures with time. 
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Figure 6.15: Evolution of the excess pore water pressures with time at a depth of 10 m  

for 3D study for: a) S-CLAY1S ‘family’ and b) creep models. 
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Figure 6.16: Evolution of the excess pore water pressures with time at a depth of 15 m  

for 3D study for: a) S-CLAY1S ‘family’ and b) creep models. 
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In fact, the isotropic SSC model predicted more than twice the excess pore water 

pressure at the beginning of the consolidation process compared to the other models 

and, in addition to this, the rate of dissipation was much higher than in the case of 

MCC, S-CLAY1, S-CLAY1S, ACM or ACM-S, see Figure 6.15. The influence of 

both anisotropy and destructuration on the numerical predictions at the stone 

columns base level was marginal.  

Figure 6.16 presents the evolution of the excess pore water pressures at a depth 

of 15 m with time, corresponding to a depth of 5 m below the stone column bases. 

The excess pore water pressures build up and then dissipate as the consolidation 

process evolves, see Figure 6.16. In the case of the elasto-plastic models this 

phenomenon is due to the Mandel-Cryer effect (Mandel, 1950 and Cryer, 1963) 

during coupled consolidation. In addition to that, in the case of the creep models the 

increase in the value of the excess pore water pressures is also attributed to creep. 

The elasto-plastic models predicted similar amounts of the excess pore water 

pressures as a result of construction as the ACM and ACM-S models, see Figure 

6.16. However, the elasto-plastic models predicted a faster process of dissipation 

than the viscous models. Again, the greatest excess pore water pressure value was 

predicted by the isotropic SSC model.  

Figure 6.17 presents the excess pore water pressure contours for S-CLAY1S 

and ACM-S with respect to the horizontal profile 1 year from the start of 

consolidation. The time-dependent model predicted a maximum excess pore water 

pressure almost twice as high as the elasto-plastic S-CLAY1S model; accounting for 

the viscous behaviour of the soft soil deposit which leads to a slower water 

dissipation.  
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The excess pore water pressure contours with respect to the horizontal profile 2 

years into the consolidation process for S-CLAY1S and ACM-S are presented in 

Figure 6.18. The scale in Figure 6.18b is different from that in Figure 6.18a. Again, 

the time-dependent ACM-S model predicted a slower dissipation of the excess pore 

water pressures and accounting for the viscous behaviour of the soft soil deposit 

triggered some delay in the excess pore water pressure dissipation. 

 

6.3.5 Effect of over-consolidation on the behaviour of 

the soft soil deposit 

 

In this section the effect of the over-consolidation of the soil mass on the numerical 

predictions is studied in detail and some conclusions on that issue are formulated.  

The apparent over-consolidation of a soil can be reported using the over-

consolidation ratio OCR , which is defined as the ratio between the maximum 

experienced effective stress (apparent pre-consolidation stress) '

pσ  to the current 

overburden stress '

vσ . A soil mass which is currently subjected to the highest stress 

level that it has ever experienced is normally consolidated and has an OCR  equal to 

one.  

This section aims to investigate the effects of variations in the apparent over-

consolidation of the soft soil, (in terms of the pre-consolidation pressure), on the 

numerical results using the two advanced constitutive models: S-CLAY1S and 

ACM-S. Both of the models account for plastic anisotropy as well as destructuration 
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and the bonding process and, in addition, the ACM-S model also takes into account 

the viscosity of the soil. 
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Figure 6.17: Excess pore water pressure (in kPa) contours after 1 year into consolidation for:  

a) S-CLAY1S and b) ACM-S. 
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Figure 6.18: Excess pore water pressures (in kPa) contours after 2 years into consolidation for:  

a) S-CLAY1S and b) ACM-S. 
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To investigate the effect of the pre-consolidation stress, the over-consolidation 

ratio OCR  was varied for the soft Bothkennar clay material. In previous sections of 

this Chapter an over-consolidation ratio value of 1.5 was assumed. In this section the 

OCR  value was changed to 1.3 and 1.7, respectively.  

The influence of the over-consolidation ratio (and the pre-consolidation stress) 

on the surface settlements after construction and consolidation is illustrated in Figure 

6.19. As expected, the influence of the over-consolidation on the numerical 

predictions of the vertical displacement after the consolidation process was much 

more pronounced than in the case of construction of the embankment. Similar to the 

results from Section 6.3.1, the ACM-S model in this study predicted unrealistic 

settlements outside the loaded area, see Figure 6.19b. In fact, by increasing the over-

consolidation ratio by approximately 30 % (from 1.3 to 1.7), the settlement was 

reduced by approximately two and six times for S-CLAY1S and ACM-S 

respectively. This demonstrates that the viscous models are super-sensitive to any 

changes in the apparent over-consolidation ratio. Increases in the creep strains over 

time in ACM-S is dependent on the ratio of the effective stress and the pre-

consolidation stress, thus also on the over-consolidation ratio OCR  value. Both the 

settlement and creep process of the soil deposit starts immediately without any load 

applied. It has been reported by Brinkgreve (2001) that setting the OCR  value to 1 

may lead in time-dependent constitutive models to excessive settlement velocities 

during the calculation of the initial stresses in the FE software, see Brinkgreve 

(2001). Structured soils, with rather high values of the over-consolidation ratio 

therefore results in excessive and unrealistic deformations.  
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Figure 6.19: Evolution of the surface settlement with OCR value for 3D study for:  

a) S-CLAY1S and b) ACM-S. 
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Additionally, the simulations were repeated without consideration of the 

floating stone columns in the soft soil mass in order to determine the settlement 

reduction ratio rs . Results are presented in the form of a figure, where the evolution 

of the settlement reduction ratio with the over-consolidation ratio is shown, see 

Figure 5.20. It appears that an increase in the over-consolidation of the soft clay 

leads to a decrease of the settlement reduction ratio rs , with the exception of the S-

CLAY1S model when using an OCR  value of 1.5. It is recommended that this 

problem is investigated in the future in greater detail.  
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Figure 6.20: Evolution of the settlement reduction ratio with OCR value for 3D study.  

 

The effect of the over-consolidation ratio on the evolution of the excess pore 

water pressures with respect to time at two different depths (10 m and 15 m) for both 
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advanced constitutive models is presented in Figures 6.21 and 6.22. The results 

correspond to point B in the soft soil, see Figure 6.4.  

Figure 6.21 presents the excess pore water pressure evolution with time at the 

level of the stone columns bases. Inspection of the excess pore water pressures plots 

reveals that the influence of the over-consolidation ratio value in the elasto-plastic 

model is negligible, see Figure 6.21a. However, for the time-dependent formulation 

the OCR  value is of greater importance than for the elasto-plastic model. A 

reduction in the over-consolidation ratio leads to an increase in the excess pore water 

pressures at the start of consolidation process, as well as to a higher rate of the excess 

pressure dissipation, Figure 6.21b.  

Figure 6.22 presents the predicted excess pore water pressure evolution with 

time at a depth of 15 m (5 m below the stone column base level) for OCR  from 1.3 

to 1.7. Figure 6.22a shows the numerical predictions for the elasto-plastic S-

CLAY1S model, whereas Figure 6.22b corresponds to the time-dependent ACM-S 

formulation. In the case of S-CLAY1S, the influence of the over-consolidation ratio 

has some effect in the initial stages of the consolidation process, see Figure 6.22a. 

The increase in the OCR  of the soft soil mass leads to first an increase of the excess 

pore water pressure value (most probably as a result of the Mandel-Cryer effect) and 

a higher rate of the pore pressure dissipation. The viscous ACM-S model predicted a 

different pattern of the excess pore water pressure evolution: a reduction of the OCR  

value significantly increased the predicted value of the excess pore water pressure, 

see Figure 6.22b. This behaviour of the greatest excess pore water pressure of those 

considered is somewhat unexpected and, thus, it should be the subject of further 

detailed investigation. 
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Figure 6.21: Evolution of the excess pore water pressures with time and OCR value for 3D study  

at depth of 10 m for: a) S-CLAY1S and b) ACM-S. 
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Figure 6.22: Evolution of the excess pore water pressures with time and OCR value for 3D study  

at depth of 15 m for: a) S-CLAY1S and b) ACM-S. 
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6.4 Summary and Conclusions 

 

In this chapter the influence of the constitutive models used to represent the 

mechanical behaviour of a soft soil improved with floating stone columns has been 

assessed. Furthermore, the sensitivity of the predictions to changes in the pre-

consolidation of the soft strata has been studied. The stone columns were installed 

below an embankment on a soft soil, represented by Bothkennar clay. Simulations 

were performed using both standard and advanced constitutive models (accounting 

for anisotropy, destructuration and viscous effects) implemented in a three-

dimensional commercial finite element code. For the FE analyses four advanced 

constitutive models were selected to represent the soft deposit, namely the S-

CLAY1, S-CLAY1S, ACM and ACM-S models. In order to assess the influence of 

plastic anisotropy, the well-known isotropic MCC and SSC models were applied in 

some of the simulations for comparison. All of the constitutive models used in the 

benchmark problem assumed identical initial in-situ stress states and vertical pre-

consolidation stresses. 

The numerical results showed that in the case of the elasto-plastic models, 

accounting for anisotropy and destructuration increased the settlements and reduced 

the lateral movement. In contrast, in the time-dependent formulations taking into 

account anisotropy and destructuration resulted in a reduction of the vertical and 

horizontal displacements. The isotropic SSC model predicted different (and 

unrealistic) magnitudes of both vertical and lateral movements, most probably 

partially due to the creep part of the model and the numerical implementation in the 
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finite element code, which differs from the ACM and ACM-S models used in this 

study.  

The predictions given by the creep models overall appear to be unrealistic, 

because significant settlements were predicted most notably in the unloaded area 

beside the embankment. In order to alleviate this problem, a procedure with a 

consolidation phase where only in-situ stresses were present for a long period of 

time, after which the displacements were reset to zero before construction of the 

stone columns and the embankments, was studied. The application of this procedure 

excluded the problem of excessive self-weight settlements in the unloaded area when 

considering the time-dependent constitutive models. However, the application of this 

procedure resulted in the use of an incorrect over-consolidation state and amount of 

bonding in the soft soil deposit for subsequent simulation and, thus, may lead to 

unrealistic numerical predictions.  

Studies on the impact of the pre-consolidation stress (by terms of the value of 

the over-consolidation ratio OCR ) demonstrated that an increase in the 

OCR resulted in the reduction of the predicted surface settlements. This phenomenon 

was especially pronounced in the case of the time-dependent constitutive ACM-S 

model where the predicted settlement curves were super-sensitive to the value of the 

over-consolidation ratio. The influence of the pre-consolidation stress on the 

numerical predictions of the excess pore water pressures was correspondingly 

significantly more pronounced in the case of ACM-S than the elasto-plastic S-

CLAY1S model. Additionally, this influence was observed to be greater in the 

deeper soil deposits than at shallow depths, where the dissipation of the excess pore 

water pressures was faster due to presence of the stone columns. Increasing the pre-
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consolidation stress resulted in a reduction of the excess pore water pressures, for 

predictions using ACM-S, and a small increase in the excess pore water pressure 

predictions in the case of S-CLAY1S predictions.  

The influence of the cCC /α  
ratio of the soft soil deposit on the predictions of 

the surface settlement by the creep models was investigated, suggesting that the 

impact of 
cCC /α  ratio is important, therefore this relationship should be carefully 

determined. However, the settlement predictions were more dramatically dependent 

on the value of the over-consolidation ratio than on the 
cCC /α  ratio. 
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7 

CASE STUDY: STONE COLUMNS 

BENEATH A FOOTING 

 

 

 

 

 

This chapter investigates the use of stone column foundations beneath a footing on a 

soft soil deposit. In order to fulfil the requirements of a typical project, special 

attention has been placed on the performance of the stone columns after the first 

three years of service. Due to the complex soil profile and heterogeneity of the 

ground conditions, both standard and advanced constitutive models have been used 

to represent the soil and stone column material. The case study considers a footing 

(raft foundation) constructed on lightly over-consolidated soft clay on a site in 

Western Scotland close to the coastline. The design of floating stone columns was 

proposed by the author due to their ability to reduce the total and differential 

settlements, and the time required for the consolidation process. Their applicability in 

this case is studied using detailed three-dimensional finite element analyses. Full 

three- dimensional geometry is used in the numerical simulations taking advantage of  
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PLAXIS 3D Foundation software. Total and differential settlements are first 

investigated. Afterwards, the stress distribution and stress paths are studied, followed 

by the analysis of the distribution of the excess pore water pressures and 

consolidation time.  

 

7.1 Case study 

 

The case study considers a soft soil improved by floating stone columns. The 

granular columns are proposed as a support of a footing (raft foundation) in order to 

reduce the total and differential settlements of the construction, as well as to reduce 

the consolidation time required for full dissipation of the excess pore water pressures. 

This case study demonstrates a typical application of stone columns for settlement 

reduction in geotechnical engineering. To represent ground conditions for this case 

study, a soil profile found on the site of Bishopton, Scotland, is used. Due to the 

former location of an explosive-manufacturing Royal Ordnance Factory at Bishopton 

(ROF Bishopton) and due to decontamination and remediation issues, the site was for 

many years omitted in the council’s plans for residential and business development. 

In 2008 new planning consent was granted, permitting a redevelopment scheme and 

construction of a motorway junction (motorways A8/M8), (BBC, 2008).  
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7.2 Site description and soil profile 

 

The area of Bishopton is situated approximately 15 km north-west of Glasgow on the 

estuary of the River Clyde, see Figure 7.1. It is a large brownfield site where a 

former explosive-manufacturing factory was located. The planned redevelopment on 

one of Europe’s largest brownfield sites proposes construction of approximately 2 

000 homes, a community woodland park and facilities, as well as a business park.  

 

 

 

Figure 7.1: Raft footing case study: site location. 

 

A notable amount of ground investigation has been carried out in this area, 

including cone penetration tests (CPT), standard penetration tests, standard drilling 
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using cable percussion method, piezometric measurements, particle size distribution 

analysis and laboratory triaxial compression and oedometer tests. Site investigation 

data has been made available courtesy of Keller Foundation (UK).  

A review of the site data indicated that the soil profile consists of a layer of dry 

crust, which overlays a 6.7 m thick silty clay layer and a 7 m thick stratum of soft 

clay. Below the clay layer a sandstone stratum is found, which forms a natural 

boundary for the geometry considered in the case study. The groundwater table is 

located at a depth of 1.3 m. The soil profile assumed in the case study is shown in 

Figure 7.2. 

For this case study, installation of floating stone columns was proposed in order 

to reduce the total and differential settlements of the planned raft footing. The 

construction scheme consists of a raft footing used as a support for residential 

buildings; the geometry of the foundation is presented in Figure 7.3. The results of 

laboratory and in-situ tests enabled the geotechnical properties of the soil deposit, to 

be determined; these are presented in Section 7.5. 

 

7.3 Proposed design  

 

For settlement reduction of the raft footing, floating stone columns were proposed for 

the project. Stone columns of length 5.5 m (from the footing level) and diameter 0.6 

m were selected. 
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Figure 7.2: Raft footing case study: assumed soil profile. 

 

 

 

Figure 7.3: Raft footing case study: 3D view of foundation geometry. 
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Based on the latest standards and guidelines, such as BS (EN 14731:2005) and 

NHBC (1988), stone columns were proposed to be constructed in the footprint of the 

raft foundation. As pointed out in BRE (2000), the safe load capacity of a group of 

stone columns depends on the soil conditions, the column diameter, spacing and 

length, and the shear strength of the compacted granular material. For low-rise 

buildings, the minimum layout of stone columns is one column at all external 

corners, returns and junctions of the raft foundation in order to mitigate differential 

settlements. Usually, a column spacing of 2 m or less is used for raft foundations in 

order to support a linear load for settlement reduction.  

Keeping that in mind and given the geometry of the footing, spacing of the 

columns in the X and Z directions is different resulting in 1.425 m and 1.480 m in 

both directions. The outline of the stone column design is presented in Figure 7.4.  
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Figure 7.4: Raft footing case study: stone column design. 
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7.4 Numerical model 

 

For all simulations the PLAXIS 3D Foundation v.2.2 finite element code was 

used, taking advantage of three-dimensional modelling. A mesh with 8 800 

tetrahedral elements and approximately 960 000 degrees-of-freedom was used in the 

simulations, see Figure 7.5. At first, a two-dimensional mesh with triangular 

elements was created. Next, the mesh was extended in the depth direction forming a 

three-dimensional shape. Mesh sensitivity studies were carried out before performing 

the case study in order to reduce the influence of the mesh on the results of the 

simulations. The computational time required to calculate the case study considered 

was equal to approximately one day due to the great number of degrees-of-freedom 

in each of the simulations. 

Only the bottom and top boundaries of the model were open for consolidation 

and water can freely flow out of these boundaries. The installation of the stone 

columns, construction of the footing and loading were simulated as undrained events 

during which the dissipation of any excess pore water pressures is not possible. 

During construction of the footing the soil material in between the raft slabs was 

removed in order to realistically mimic the working sequence on site. Following that, 

in subsequent phases the granular fill placed in between footing slabs was simulated 

by applying a distributed load on the foundation level of 11.4 kPa (assuming a 0.6 m 

high layer of fill with a unit weight of 19 kN/m3). Construction of the foundation was 

followed by the application of a distributed load on top of the raft footing of 83.33 

kN/m2, which corresponds to a line load of 50 kN/m. Afterwards, a consolidation 
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phase was simulated until a maximum excess pore water pressure of 1 kPa was 

reached. In order to exclude any influences of the outer boundary, the geometry 

model was extended in both horizontal planes (X and Z) by approximately 2B 

laterally from the symmetry axis of the footing and 2B below the footing, where B is 

the footing width in the X direction. The depth of the geometry model extends up to 

23 m, taking into account also the sandstone layer, see Figure 7.5 and Figure 7.2. 

 

 

 

         

 

Figure 7.5: Raft footing case study: problem mesh and geometry. 

 

More details with regard to the geotechnical properties of the soil at the 

Bishopton site are presented in the section below.  The top view of the case study 
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along with the cross-sections A-A’ and B-B’ are shown in Figure 7.6. Additionally, 

five points chosen for further studies are indicated on the figure; red and blue dots 

indicate points chosen for evaluation of the settlement response and for evaluation of 

the excess pore water pressure, respectively.  

 

 
 
 

Figure 7.6: Raft footing case study:  top view. 

 

7.5 Material properties  

 

In order to simulate the complexity of the problem three different constitutive models 

were used in the finite element analyses. Each soil layer was analysed and the 

appropriate constitutive model, in order to realistically represent the mechanical 

behaviour of the constituent, was applied. Both standard and advanced constitutive 
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models were used, taking advantage of the user-defined formulation of the S-CLAY1 

model in the commercial code PLAXIS 3D Foundation. 

 

7.5.1 Soil deposit  

 

For the case study, the soil profile illustrated in Figure 7.2 was considered. The 

slightly over-consolidated silty clay and clay layers, which are overlain by a dry 

crust, represent soft recently deposited marine sediments. Below the clay layer a 

sandstone stratum forms a natural boundary for the soft deposit on Bishopton site. 

Due to the nature of the dry crust and the sandstone, these layers were simulated 

using the Hardening Soil (HS) model, which was briefly described in Chapter 2. In 

order to represent the layers of silty clay and clay, the S-CLAY1 model was applied, 

which takes into account plastic anisotropy of the considered soil material, and was 

presented in detail in Section 2.4.1.  

 

Soft soil: silty clay and clay 

The soft soil found at a depth of 1.3 to 8 m at the Bishopton site has approximately 

20..30% clay content, 50..60% silt content and a small amount of sand, and can be 

classified as a silty clay. The soil stratum lying below the silty clay has 

approximately 30..40% clay content, 50..60% silt content and a small amount of 

sand, and can be classified as a slightly sandy clay. An undrained shear strength in 

the range of 10..55 kPa has been found for both the silty clay and clay material in the 

laboratory with undrained triaxial tests and with cone penetration tests in situ. 
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Due to close similarities between the soft soil found at Bishopton and the 

Bothkennar sites, the silty clay and clay of Bishopton is assumed to be, as in the case 

of the Bothkennar clay, highly anisotropic. One dimensional compression tests on 

samples from depths of 2.1..9.5 m enabled investigation of the loading-unloading 

response of the soil and the yield stresses. In the laboratory tests the soft soil layers 

exhibited extremely low compressibility, indicating high disturbance of the soil 

samples. As a result of the desk study, the soft soil at the Bishopton site is expected 

to be over-consolidated with compressibility parameters similar to the soft clay from 

Bothkennar, although the Bishopton clay layers would be expected to be less 

homogeneous and structured than the Bothkennar clay due to the differences in the 

sedimentation environment. In fact, the disturbance of the soil samples is so high that 

the intrinsic value of the slope 
iλ  of the compression curve in the 'ln pe −   

determined from the one-dimensional oedometer test on a natural soil from the 

Bishopton site is lower by approximately 20..35 %  than the iλ  values for fully 

reconstituted Bothkennar clay samples. Following that, some concerns about reliable 

estimation of in-situ compressibility and over-consolidation cannot be excluded. 

Therefore, for these preliminary numerical simulations, the soft soil at Bishopton was 

chosen to be modelled as a normally consolidated and fully reconstituted material. 

As Figure 7.7 suggests, for small stress increments 'σd  this leads to over-prediction 

of the stress-strain behaviour, and can be considered as a very conservative approach.  

It is recognised that the assumption about the normally consolidated and fully 

reconstituted state of the soft soil at Bishopton site has some further implication for 

numerical predictions, such as the determination of the in-situ coefficients of the 

earth pressure at rest 0K  . However, as the current research is aimed only at 
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providing preliminary numerical predictions, the in-situ coefficient of the earth 

pressure at rest was based on the equation given by Jaky (1948) and calculated to be 

equal to 0.5. It is essential for further research to ensure that sample disturbance is 

minimised and that good quality samples are obtained and used for laboratory 

testing.   

 

 

 

Figure 7.7: Raft footing case study: compressibility parameter for natural and reconstituted soil. 

 

Due to its consolidation history the soft soil deposit was assumed be cross-

anisotropic in terms of elasto-plastic behaviour, which led to determination of the 

initial inclination α0 of the yield surface of the S-CLAY1 model following the 

procedure outlined in Chapter 2. The values for the additional advanced soil 
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constants, ω and
dω  describing the rotation of the yield surface, were calculated 

following the procedure described in Section 2.4.1.  

The soil constants and state variables describing the silty clay and clay layers 

are shown in Tables 7.1, 7.2 and 7.3. 

 

Table 7.1: Standard soil constants: S-CLAY1. 

Depth 
 

γ   

 

k 
'ν  M  κ  iλ  Layer 

[m] [kN/m3] [m/s] [-] [-] [-] [-] 

Silty clay 1.3-8.0 18.0 2.2x10-10 0.2 1.2 0.015 0.133 

Clay 8.0-15.0 18.0  2.5x10-10 0.2 1.2 0.015 0.125 

 

Table 7.2: Advanced soil constants: S-CLAY1. 

Depth ω  

 
dω  

 

Layer 

[m] [-] [-] 

Silty clay 1.3-8.0 0.76 90 

Clay 8.0-15.0 0.76 110 

 

Table 7.3: State variables: S-CLAY1. 

Depth 
0e  0K  OCR  

0α
 

Layer 

[m] [-] [-] [-] [-] 

Silty clay 1.3-8.0 0.790 0.5 1.0 0.46 

Clay 8.0-15.0 0.844 0.5 1.0 0.46 

 

 

Other soil deposits: dry crust and sandstone 

The dry crust and sandstone, due to their nature and mechanical behaviour were 

modelled using the Hardening Soil (HS) model described in Section 2.3.3. The 

material parameters for the dry crust and sandstone strata are listed in Table 7.4 and 
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7.5. It is assumed that water can freely flow through the dry crust and sandstone 

layers as both materials are considered to be fully drained. 

 

Table 7.4: Dry crust and sandstone stiffness parameters. 

γ  '

urν  
ref

oed

ref
EE =50  

ref

urE  Material 

[kN/m3] [-] [kN/m2] [kN/m2] 

Dry crust 19.0 0.2 1 720 5 160 

Sandstone 22.0 0.2 100 000 200 000 

 

Table 7.5: Dry crust and sandstone additional parameters. 

k  'c  

 

'ϕ  
ψ  

 

m  0K  OCR  Material 

[m/s] [kN/m3]  [o] [o] [-] [-] [-] 

Dry crust 3.35x10-9 0.1 27 12 0.55 0.700 1.0 

Sandstone 2.31x10-8 200 27 12 0.3 0.530 1.0 

Note: m = power for stress-level dependency of stiffness. 

 

7.5.2 Stone columns 

 

Floating stone columns were installed below the footing with a spacing between the 

columns SCS  equal to 1.425 m and 1.480 in the X and Z directions, as shown in 

Figure 7.4. The diameter of the columns SCD  and the length SCL  was assumed to be 

equal to 0.6m and 5.5 m, respectively. In the FE analysis the stone columns were 

‘wished-in-place’ in an undrained process without considering any installation 

effects. As already mentioned in previous chapters, installation of the stone columns 

is expected to change a number of state variables, such as anisotropy and the 

coefficient of earth pressure at rest, see i.e. Chapter 4. However, the effects of 
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installation of the stone columns are not the subject of this research and therefore 

were not taken into consideration. 

The Hardening Soil Model, described in Chapter 2, was used to model the 

granular material of the stone columns and the material parameters used for the 

purpose of this case study were assumed to be the same as those used for the 

parametric study presented in Chapter 4. The stone column material parameters are 

listed in Table 7.6 and 7.7 for the sake of completeness.  

Similar to the simulations in Chapter 4, the critical state friction angle of the 

granular material '

SCϕ  was chosen to be 42 ° and the dilatancy angle 
SCψ  was 

assumed to be 12˚. The Poisson’s ratio 'ν and an exponent m equal to 0.3 were 

assumed. A unit weight of 19 kN/m3 was assumed for the granular material, 

following the experience of the engineering industry.  

 

Table 7.6: Stone column stiffness parameters. 

γ  '

urν  
ref

oed

ref
EE =50  

ref

urE  Material 

[kN/m3] [-] [kN/m2] [kN/m2] 

Stone 
column 

19 0.3 80 000 260 000 

 

Table 7.7: Stone column additional parameters. 

k  'c  

 

'

SCϕ  SCψ  m  0K  Material 

[m/s] [kN/m3]  [o] [o] [-] [-] 

Stone 
column 

1.97x10-4 0.1 42 12 0.3 0.331 

Note: m = power for stress-level dependency of stiffness. 
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7.5.3 Footing 

 

A raft foundation of width and height both equal to 0.6 m was considered in this case 

study, see Figure 7.3. The raft footing was assumed to be built from the foundation 

level (a depth of 0.6 m), resulting in the top of the construction level being located at 

the ground surface. The footing was modelled as a linear elastic material with a 

Young’s modulus of 'E  equal to 2 x 10
7
 kN/m

2
 and a Poisson’s ratio of 0.15. The 

footing was loaded with distributed load of 71.4 kN/m2 after construction and the 

loading was maintained constant.  

 

7.6 Numerical simulations 

 

Numerical simulations for the raft footing were conducted assuming the following 

sequence of site works: 

1) construction: 

a) undrained installation of stone columns, 

b) undrained construction of footing and application of distributed load   

between the slabs of the foundation (simulating granular fill), 

c) undrained application of loading on top of raft footing, 

2) consolidation: 

a) first period of service- consolidation phase lasting 3 years, 
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b) consolidation until full dissipation- excess pore water pressures are equal 

to or less than a 1 kPa. 

Additionally, to calculate the settlement reduction ratio a numerical simulation 

of the case study with no ground improvement was carried out. 

 

7.6.1 Total settlement 

 

The plot of vertical displacements with respect to the time required for full 

dissipation of the excess pore water pressures is shown in Figure 7.7 for 

representative points in between the slabs of the footing at four different locations. 

The floating stone columns reduced the total settlements by approximately 75 %. In 

fact, the settlement reduction ratio rs varies during construction and consolidation, 

resulting in the lowest value after construction and reaching a value of 0.670 after 

dissipation of the excess pore water pressures. Settlement reduction ratios for each 

phase of loading, serviceability period and full consolidation are listed in Table 7.8.  

 

Table 7.8: Raft footing case study: evolution of the settlement reduction ratio with time. 

Phase Settlement reduction ratio rs  

[-] 

Construction (undrained) 0.292 

Consolidation (3 years) 0.607 

Full consolidation 0.670 
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Figure 7.7: Evolution of settlement with time: raft footing case study. 

 

Additionally, one can see that the time required for full dissipation of the excess pore 

water pressures is reduced by 40 % when floating stone columns are installed. 

Commonly used in engineering practice the degree of consolidation (expressed 

as
0

1
u

u
U t

p −= , where 0u and tu  are the initial excess pore water pressures and the 

excess pore water pressures at time t ) is determined as equal to 0.93 and 0.78 after 3 

years of consolidation for the case with stone columns and the case when no ground 

improvement is in place, respectively. 
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7.6.2 Differential settlement 

 

The plots of the settlement versus horizontal profile for the cross-sections A-A’ and 

B-B’ at the foundation level after construction are shown in Figures 7.8 and 7.9. 

Additionally, the results in the case of no ground improvement in place are 

presented. In grey and red the outlines of the foundation and stone columns in both 

the cross-sections are shown.  

Looking at Figure 7.8 where the contours of the vertical displacement at the 

foundation level after construction are plotted, one can see that in the cross-section 

A-A’, where a row of six columns support the raft foundation, the soil mass block 

displaces equally with distance from the model boundary in the Z axis direction and 

that the highest displacement is found at the footing footprint. A similar pattern is 

observed for the case where no ground improvement is used, as the footing induces a 

uniform distribution of the settlement but of higher magnitude than in the case with 

stone columns. The differential settlement of the raft foundation in the cross-section 

A-A’ after construction is found to be negligible, of 1/4000, and well within 

acceptable limits for British housing, which is equal to 1/500, NHBC (2010). 

Inspection of Figure 7.8b for the cross-section B-B’ shows how well floating 

stone columns can carry the applied load and reduce the vertical displacements, 

leading to a reduction of the settlements in between the footing slabs by a factor of 

11. The differential settlement of the raft foundation along the cross-section B-B’ 

was found to be negligible (1/2000) and well in acceptable differential settlements 

for housing, see NHBC (2010).  
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Figure 7.9 presents the settlements at the foundation level for both cross-

sections, A-A’ and B-B’, after consolidation. Again, numerical results for the case 

without stone columns are shown, and the outlines of footing and columns are 

indicated in grey and red, respectively. One can see that the settlement is much 

higher than after application of the loading, resulting in a value of approximately 

four times greater than predicted at the end of the construction phase. The greatest 

vertical displacements were predicted in the symmetry line of the footing. As in the 

case after construction, the differential settlement of the raft foundation along the 

cross-section A-A’ was found to be negligible (1/4000) and well within the 

acceptable differential settlements for housing which is equal to 1/500, see NHBC 

(2010). It is evident that installation of the stone columns resulted in a reduction of 

the settlements between the footing slabs by a factor of 24 along cross-section B-B’, 

see Figure 7.9b. Again, the differential settlement of the raft foundation along cross-

section B-B’ was found to be negligible (1/1500) and well within the acceptable 

differential settlements for housing, see NHBC (2010).  
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Figure 7.8: Settlement for raft footing case study after construction for cross-section: 

a) A-A’ and b) B-B’. 
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Figure 7.9: Settlement for raft footing case study at the end of consolidation for cross-section: 

 a) A-A’ and b) B-B’. 
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7.6.3 Vertical effective stresses  

 

The plot of the vertical effective stresses along the depth profile at point 5 is 

presented in Figure 7.10. In the dry crust strata, simulated using the HS model, for 

both construction and consolidation, the effective vertical stress was found to be the 

same. Moreover, point 5 experiences during both phases almost the same vertical 

effective stress in the sandstone layer (from depth of 15 m downwards), which was 

also modelled with HS. Both the dry crust and sandstone strata were modelled as 

drained materials and hence during consolidation process no increase of the effective 

vertical stresses was predicted. As the clay layer is overlain by silty clay strata, and 

the stress distribution decreases with depth, in the silty clay layer the increase in the 

effective vertical stress value was found to be more pronounced than in the clay 

layer.    

Vertical effective stress contours along the horizontal profile after construction 

for the cross-section A-A’ are plotted in Figure 7.11, with and without the 

installation of stone columns. Detailed inspection of the improved zone reveals that 

the stress level maintained by the stone columns was much greater than that 

maintained by the surrounding soil. As floating stone columns are considered, the 

granular columns do not transfer the load into a rigid stratum but into the 

surrounding soil as part of a load transfer process. This process can be seen on each 

figure: in the upper part of the plot the granular material transfers more load than the 

surrounding soil. Then, at the column base level the load is transferred by the 

columns to the soil underneath. The ‘neutral point’, where the amount of load held 
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by the column and the surrounding soil is of the same value, and was found to be at a 

depth of approximately 4 m. 
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Figure 7.10: Vertical effective stress vs. depth at point 5: raft footing case study. 

 

Vertical effective stress contours along the cross-section B-B’ after 

construction are plotted in Figure 7.12. Again, general inspection indicates that the 

differential vertical stresses are similar for both case scenarios. As no stone columns 

are present in the B-B’ cross-section, no higher effective stress is maintained as 

illustrated in Figure 7.12. 

Figure 7.13 shows the vertical effective stress contours after the consolidation 

process for both case scenarios (with and without stone columns) for cross-section 

A-A’.  
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Figure 7.11: Vertical effective stress contours (in kPa) for a raft footing case study after 

construction along cross-section A-A’: a) with and b) without stone columns. 
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Figure 7.12: Vertical effective stress contours (in kPa) for raft footing case study after 

construction in cross-section B-B’: a) with and b) without stone columns. 
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Figure 7.13: Vertical effective stress contours (in kPa) for raft footing case study after 

consolidation in cross-section A-A’: a) with and b) without stone columns. 
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One can see that the overall distribution of the vertical effective stress at this point is 

very similar to that presented in Figure 7.11 corresponding to the end of the 

construction phase. Only closer inspection of the improved zone indicates that the 

granular material of the stone columns support a smaller magnitude of the vertical 

effective stress at the end of consolidation than after construction. Again, the ‘neutral 

point’ at the end of consolidation was found to be at depth of approximately 4 m. 

Contours of the vertical effective stresses along the cross-section B-B’ after the 

consolidation process are plotted in Figure 7.14. Again, general inspection indicates 

that the differential vertical stresses are similar for both scenarios as no floating stone 

columns were present in the cross-section. 

In order to fully investigate the influence of the stone column on the stress-

strain behaviour of the soil deposit, the incremental vertical effective stresses are 

plotted along the horizontal profile. As project specification required investigation of 

the first 3 years of service, the incremental vertical effective stresses were defined as 

being the difference between the vertical effective stress at the end of the first 

consolidation stage (after 3 years) and the vertical effective stress during the initial 

phase of the FE calculations, see Figures 7.15 and 7.16. 

As in previous sections, the incremental vertical effective stress contours were 

prepared for cross-sections A-A’ and B-B’ for cases with and without floating stone 

columns. A positive incremental stress value means that the vertical effective stress 

found in the soil mass was greater (after 3 years of consolidation) than the generated 

initial stresses, whereas a negative value indicates that after consolidation the vertical 

effective stresses are reduced with respect to the initial vertical stresses. Negative 
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values of the incremental vertical effective stresses are due to small rounding off 

errors and do not have any practical meaning.  
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Figure 7.14: Vertical effective stress contours (in kPa) for raft footing case study after 

consolidation in cross-section B-B’: a) with and b) without stone columns. 
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Figure 7.15: Incremental vertical effective stress contours (in kPa) for raft footing case  

study along cross-section A-A’: a) with and b) without stone columns. 
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Figure 7.16: Incremental vertical effective stress contours (in kPa) for raft footing case  

study along cross-section B-B’:  a) with and b) without stone columns. 
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Figure 7.15 presents the incremental vertical effective stresses for the cross-

section A-A’. Installation of the stone columns only affects the area directly 

underneath the footing. As expected, due to the high stiffness of the granular material 

the columns support more vertical effective stress than the surrounding soil. 

Construction of the stone columns leads to an increase of more than triple the 

incremental vertical effective stress values than in case of no ground improvement, 

which is a result of the columns transferring the load from the footing down to the 

deeper soil deposits. 

Incremental vertical effective stress contours along the cross-section B-B’ is 

presented in Figure 7.16. Installation of the stone columns supported some vertical 

stresses when compared with the case with no ground improvement, especially in the 

shallow deposits underneath the footing. One can see that the columns notably 

influence the incremental vertical effective stress contours, increasing the value of 

the stresses after the construction, loading and consolidation processes, see Figures 

7.15 and 7.16.  

 

7.6.4 Excess pore water pressures and time of 

consolidation 

 

As the stone columns speed up consolidation, the prediction of the excess pore water 

pressures was inspected at chosen depths. Figure 7.17 illustrates the schematic sketch 

for point 5, which was chosen for inspection of the excess pore water pressure at 

various depths in the soft deposit. The evolution of the excess pore water pressures 

with time is plotted in Figures 7.18..7.21. The plot has been prepared for depths of 
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2.95 m (Figure 7.18), 6.1 m- column base level- (Figure 7.19), 8.6 m (Figure 7.20) 

and 9.77 m (Figure 7.21). The geotechnical sign convention for the pressure has been 

applied, where negative values refer to suction. 

It can be observed that in the case with stone columns, the excess pore water 

pressures increase above their initial values and then dissipate with time to zero 

values. During coupled consolidation, due to the Mandel-Cryer effect (Mandel, 1950 

and Cryer, 1963), time-dependent redistributions of total stresses take place within 

the soil.  

 

 

 

Figure 7.17: Sketch of the model geometry with chosen points for the excess pore water 

pressures predictions: raft footing case study. 

5  
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This results in the increase of the excess pore water pressures in the zone beneath a 

footing at the start of consolidation, which is in contrast with Terzaghi’s one-

dimensional consolidation theory (1943). The Mandel-Cryer effect was observed for 

the first time in laboratory experiments on clay spheres by Gibson et al. (1963).  

In the case study considered herein, this effect is predominant in the zone 

where the stone columns are installed (at depths of 2.95 m and 6.1 m), which is in 

agreement with the findings presented by Cui et al. (2009) for a piled raft constructed 

on soft soil. Small discontinuities in the excess pore water pressure results, which can 

be seen as sharp kinks in the pressure values, can be explained by numerical 

instabilities at the considered point of geometry. 
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Figure 7.18: Excess pore water pressure evolution with time at a depth of 2.95 m: 

raft footing case study. 
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Figure 7.19: Excess pore water pressure evolution with time at a depth of 6.1 m:  

raft footing case study. 
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Figure 7.20: Excess pore water pressure evolution with time at a depth of 8.6 m:  

raft footing case study. 
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Figure 7.21: Excess pore water pressure evolution with time at a depth of 9.77 m:  

raft footing case study. 

 

As consolidation progresses, the excess pore water pressures reduce. This 

phenomenon is particularly rapid at depths of 2.95 m and 6.1 m, where the stone 

columns are present in the soft deposit, as the dissipation of excess pore water 

pressures is speeded up by the good hydraulic conductivity of the columns. Points at 

a depth of 2.95 and at the column base level reached values of 1 kPa for the excess 

pore water pressures a lot earlier than points located in the deeper deposits, see 

Figures 7.18..7.21. When compared with the case where no stone columns were 

installed in the soil deposit, it is evident that the columns reduced the time required 

for excess pore water pressure dissipation by more than half.  

The excess pore water pressure contours after construction along the cross-

sections A-A’ and B-B’ are plotted in Figures 7.22 and 7.23. Again the geotechnical 
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sign convention has been applied for those plots and for the sake of completeness the 

improved zone has been magnified in an additional plot (with the outlines of the 

stone columns and the raft foundation indicated in red and grey, respectively). After 

construction the excess pore water pressures increased up to a value of 

approximately 50 kPa for the case with the floating stone columns. One can see that 

the granular material of the columns reduced the excess pore water pressure values in 

the close vicinity and below the column base level. The pore water pressure 

concentration between the columns underneath a raft footing is gradually erased by 

dissipation of the excess pore water pressures during the consolidation process.   

The excess pore water pressure contours after the 1095
th

 day (3 years) in the 

consolidation process are plotted in Figures 7.24 and 7.25 for the A-A’ and B-B’ 

cross-sections. As the top consolidation boundary remained open during the 

consolidation phase, the lowest excess pore water pressure values were found at the 

top of the geometry model.   

For the case with stone columns, a great concentration of excess pore water 

pressures in the untreated zones was evident, see Figures 7.24 and 7.25. Underneath 

the footing at a depth of 12 m the soil experienced an excess pore water pressure of 

approximately 4 kPa. Below the base level of the stone columns (and nearby) and in 

the improved area the excess pore water pressures decay so efficiently that a zero 

value was registered. Moreover, when comparing Figures 7.24a and 7.25a with the 

plots presenting the case with no ground improvement one can see that the effect of 

the stone columns in reduction of the excess pore water pressure values is significant. 

The excess pore water pressure value was approximately halved during the 

serviceability period in the area where the stone columns were installed. 



Chapter 7                                                 Case study: stone columns beneath a footing 

____________________________________________________________________ 

302 

 

  

0 5 10 15 20 25 30 35 40 45

distance from boundary in Z axis direction [m]

-20

-15

-10

-5

0
d
e

p
th

 [
m

]

 

 

 

a) 

 

15 17 19 21 23 25 27 29 31 33

distance from boundary in Z axis direction [m]

-15

-10

-5

0

d
e

p
th

 [
m

]

 

 

 

 

 

 

 

    

 

 

0 5 10 15 20 25 30 35 40 45

distance from boundary in Z axis direction [m]

-20

-15

-10

-5

0

d
e
p

th
 [

m
]

 

 

b) 

 

15 17 19 21 23 25 27 29 31 33

distance from boundary in Z axis direction [m]

-15

-10

-5

0

d
e

p
th

 [
m

]

 

 

Figure 7.22: Excess pore water pressures contours (in kPa) for raft footing case study after 

construction along cross-section A-A’: a) with and b) without stone columns.  
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Figure 7.23: Excess pore water pressures contours (in kPa) for raft footing case study after 

construction along cross-section B-B’: a) with and b) without stone columns. 
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Figure 7.24: Excess pore water pressures contours (in kPa) for raft footing case study after 3 years into 

consolidation along cross-section A-A’: a) with and b) without stone columns. 
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Figure 7.25: Excess pore water pressures contours (in kPa) for raft footing case study after 3 years into 

consolidation along cross-section B-B’: a) with and b) without stone columns. 
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7.6.5 Quality of soil sampling and its impact on the 

numerical results 

 

Site investigation and laboratory testing should provide the necessary data for 

determination of the ground conditions and the geotechnical parameters required for 

all stages of the engineering work, such as tendering, design and construction. 

However, analysis of the current study indicated the poor quality and high 

disturbance of the soil samples, which raises concerns over the ability to reliably and 

correctly determine the engineering characteristics of the silty clay and clay layers.  

As already mentioned in Section 7.5.1, the desk study indicated that the soft 

soil at Bishopton site is expected to be over-consolidated with compressibility 

parameters similar to that of the soft clay from Bothkennar. As a result of the poor 

quality of the soil samples, a conservative approach was chosen to model the soft soil 

deposits as a normally consolidated and fully reconstituted material. As the soil 

sampling quality is a matter of concern in this case study, a preliminary study on the 

impact of the over-consolidation ratio OCR on the settlement predictions was 

performed and is presented in this section. 

In this study the compression of the silty clay and clay layers was defined by 

the apparent value of the slope of the compression curve λ  in the 'ln pe −  and was 

determined to be equal to 0.3 for both layers. The over-consolidation ratio was 

assumed to vary from 1.0 to 1.5, as summarised in Table 7.9. Additionally, numerical 

results for the simulation analysed in Sections 7.6.1..7.6.5 are indicated as Simulation 

G, see Table 7.9. 
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Table 7.9: Influence of the over-consolidation ratio on numerical predictions: 

raft footing case study. 

Slope of compression 

curve λ   

[-] 

Simulation Over-consolidation ratio 

OCR  

[-] 

Silty clay Clay 

A 1.0 0.3 0.3 

B 1.1 0.3 0.3 

C 1.2 0.3 0.3 

D 1.3 0.3 0.3 

E 1.4 0.3 0.3 

F 1.5 0.3 0.3 

G 1.0 0.125 0.133 

 

Figure 7.26 presents the evolution of the surface settlement value with the 

value of the over-consolidation ratio for cases with and without stone columns. It is 

evident that as the value of the over-consolidation ratio increases, the predicted 

vertical displacement reduces (for both cases: with and without stone columns). 

Using data points for the case with stone columns installed underneath an 

embankment, the power function can be determined to define the relationship 

(indicated with dotted line in Figure 7.26): 

 88.1)ln(47.3)ln( −×−= OCRyδ  (7.1) 

where: yδ  is the maximum surface settlement and OCR is the over-consolidation 

ratio. 
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Figure 7.26: Evolution of the vertical displacement with the over-consolidation ratio:  

raft footing case study. 

 

7.7 Summary and Conclusions 

 

In this Chapter the total and differential settlement reduction of the stone 

column foundation constructed below a raft footing in a soft soil deposit during the 

construction, first 3 years of service and consolidation was studied. Floating stone 

columns have been proposed to be installed underneath a raft footing in a soft soil 

stratum on the Bishopton site (Scotland). The floating stone columns were simply 

‘wished-in-place’.  

Given limited availability of the site investigation data and previous experience 

with soil material in this area, simulations were performed using the advanced 
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constitutive S-CLAY1 model (accounting for plastic anisotropy) implemented in the 

three-dimensional commercial finite element code, using the intrinsic value of the 

slope of the compression curve and an over-consolidation ratio equal to one. This 

results in conservative numerical predictions. It should be noted that this assumption 

has some implications on the numerical results, such as value of the in-situ 

coefficients of the earth pressure at rest and further reconstitution of the soil mass. 

Additionally, a preliminary study of the influence of the over-consolidation ratio 

OCR of the soft soil deposits on the numerical predictions of the settlement has been 

performed. As expected, an increase in theOCR value leads to a reduction in the 

predicted settlement value. It is concluded that the effect of the over-consolidation 

ratio on the numerical predictions is pronounced, resulting in a change in the surface 

settlement value by a factor of 4 in the considered range of the over-consolidation 

state (OCR =1.0..1.5).  Therefore, for more detailed and less conservative numerical 

modelling of this case study, further site investigation is strongly recommended. It is 

essential to ensure high quality samples are obtained in order to minimise soil 

disturbance and to enable reliable determination of the geotechnical parameters and 

soil characteristics at the Bishopton site.  

Application of stone columns in the Bishopton case study resulted in a 

predicted settlement reduction of approximately 50 %, and an increase in the excess 

pore water pressure dissipation by a factor of approximately 1.6. Unfortunately, 

recent news from the contractor suggests that development at the Bishopton site is 

unlikely to proceed in the short term due to the current global economic climate.  
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8 

CONCLUSIONS AND 

RECOMMENDATIONS 

 

 

 

 

 

The overall aim of this thesis was to use the state-of-the-art in advanced constitutive 

modelling applied to three-dimensional finite element (FE) analyses of soft soil 

improved with stone columns in order to gain an improved understanding of the 

stress-strain behaviour of the stone column foundation. In this thesis, stone columns 

were used as a support for two types of foundations: an embankment and a raft 

footing. These problems, as with many other engineering projects, are three-

dimensional problems and as such, are modelled by conducting three-dimensional FE 

analyses. This chapter outlines the main conclusions based on the work done and 

gives recommendations for future research. 
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8.1 Parametric study on floating stone columns 

beneath an embankment 

 

The majority of design methods for stone columns consider end-bearing columns, 

which is not necessary the most economical solution. Therefore, the aim of this thesis 

was to use three-dimensional finite element analyses, with an advanced constitutive 

model to represent the complexity of a soft soil material, to study the stress-strain 

behaviour of a floating stone column foundation constructed in a soft soil deposit. 

The soft soil was represented by the Bothkennar clay, a soft structured natural 

deposit. An embankment is a typical application of a large group of the floating stone 

columns.  

First of all, the influence of the mechanical properties of the column material, 

such as the angle of friction and the stiffness was studied. Then, the effect of the 

physical properties of floating stone columns was investigated, considering factors 

such as the column diameter, spacing and length. Next, a study on the influence of 

the thickness of the soft soil layer was performed. These studies concluded that the 

predicted behaviour of the stone column foundation is controlled mainly by three 

factors: the column strength (expressed as the angle of friction), the column diameter 

and the column spacing. The value of the angle of friction of the granular column is 

limited by the material available, varying typically from 40º to 50º. The column 

diameter is restricted by the diameter of the poker inserted into the ground, therefore 

construction of excessive large or small columns is not practically feasible. The 

actual stiffness of the column material (selected on the basis of the stone material 
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available and those typically used in practice) was found to have little influence on 

the numerical settlement predictions of the column foundations considered. 

The numerical studies suggest that within the range of column diameters 

commonly used, the column spacing/diameter ratio SCSC DS /  is one of the key 

design parameters for floating columns with an optimum value of about 2.7..2.8. This 

value has been supported by field data collected from the literature. Following the 

3D FE simulations, a simple bi-linear relationship between the 
SCSC DS /  ratio and 

the settlement reduction ratio rs was suggested, allowing the expected settlement 

reduction after stone column construction to be estimated.  

The optimum column length for the benchmark problem considered appear to 

be 17/ ≤SCSC DL  and 5/ ≤SCSC SL , and is not notably influenced by the 

embankment height and the magnitude of load applied in the range of values studied. 

The numerical predictions suggest that in terms of settlement reduction, floating 

stone columns work as well as end-bearing columns. However, in order to achieve a 

desired rate of consolidation in deep deposits the length of the columns needs to be 

optimised. 

The first set of parametric studies ignored the rate-dependent behaviour of soft 

soil. Given this is of vital importance in the response of a soft natural soil, a new-

time dependent constitutive ACM-S model, which accounts for anisotropy and 

degradation of interparticle bonds, was developed. The proposed formulation is 

based on existing constitutive models for structured soft soils which are prone to 

creep and it was implemented in FE code (2D and 3D Foundation PLAXIS) using 

the dynamic link library as a user-defined soil model. The number of input 

parameters used for ACM-S was kept to a minimum, and all of them can be 



Chapter 8                                                                Conclusions and recommendations 

____________________________________________________________________ 

313 

determined directly via laboratory testing of structured soft soils. Thus, the soil 

parameters’ determination is easy and straight-forward. As the proposed model has a 

hierarchical form, some of the soft soil features, such the anisotropy and the effect of 

bonding, can be simply switched off, which ensures the potential for wide 

application of the proposed model as an engineering tool.  

The ACM-S model was used to simulate the behaviour of soft natural soils, 

including laboratory tests on various soft soils and a two-dimensional benchmark 

problem. Given the good agreement between the numerical simulations and the 

experimental results, the ACM-S model appears to be able to capture the essential 

features of soft soil behaviour, and also (to some extent) the creep rupture 

phenomenon. It was shown that the model can be easily applied for both simulations 

of laboratory testing and boundary value problems. A coupled consolidation analysis 

in FE code PLAXIS conducted in conjunction with ACM-S ensures that simulations 

of the boundary value problems can be carried out in both undrained and drained 

conditions. However, there were some concerns about the performance of the model 

at the boundary value level, and these were confirmed by additional parametric 

studies considering floating stone columns underneath an embankment. 

In order to investigate the dependency of the stress-strain behaviour of an 

embankment constructed on floating stone columns on the constitutive soil model, 

the second part of the parametric studies used six different constitutive models: the 

Modified Cam Clay model (MCC), the Soft Soil Creep model (SSC), the S-CLAY1 

model, the ACM model, the S-CLAY1S model and the ACM-S model. Additionally, 

the sensitivity of the predictions to the changes in the pre-consolidation stress on the 

soft soil was investigated.  
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It was found that in the case of the elasto-plastic models, accounting for 

anisotropy and destructuration of the soft soil deposit increased the predicted vertical 

displacement and reduced the predicted value of the horizontal movements. On the 

contrary, in the case of the creep models, taking account of anisotropy and 

destructuration reduced both the vertical and horizontal displacements. The isotropic 

Soft Soil Creep model, a standard model in the PLAXIS code, predicted the greatest 

(and unrealistic) vertical and horizontal movements, which is probably partly due to 

assumptions made for the creep part of the model and other issues (such as 

implementation of the formulation in PLAXIS). Generally, the predictions given by 

the creep models appeared to be unrealistic, showing significant self-weight surface 

settlements. In order to address this problem, a procedure of applying a consolidation 

phase with in-situ stresses only for a long period of time before the construction of 

the columns and embankment was studied. Nevertheless, the current study indicated 

that, although at a global level this procedure might lead to desired results, it leads to 

an incorrect over-consolidation state and therefore an incorrect amount of bonding in 

the soft soil at the start of the analysis, and is hence not satisfactory. The studies on 

the sensitivity of the predictions on the changes in the pre-consolidation stress 

demonstrated that the creep models are super-sensitive to the value of the over-

consolidation ratio. Nonetheless, the settlement reduction ratio is not influenced as 

profoundly as the surface settlement predictions, but this might not be the case when 

higher magnitude of loads is considered. Moreover, the effect of the CCC /
α

 ratio on 

the predictions of the surface settlement of the soft soil deposit was found to be 

pronounced. However, the effect of the over-consolidation ratio OCR  was much 

more significant than the influence of the CCC /
α

 ratio. 
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8.1.1  Limitations and recommendations for future 

work 

 

A simple bi-linear relationship between the column spacing/diameter ratio and the 

settlement reduction ratio was determined after numerical studies were performed for 

the boundary value problem. However, this relationship was formulated for the case 

of an embankment involving a large number of floating stone columns and may not 

be valid for other types of foundations. Further research should be conducted in order 

to establish the applicability of this relationship for other structures and, if needed, 

the existence and possible form of similar relationships.  

It is also recommended that further numerical studies on the optimum column 

length are conducted to account for other types of foundations used in engineering 

practice. It would be of benefit to study further the influence of a higher 

magnitude/different type of load applied on the optimum column length value and 

the over-consolidation ratio of the soft soil layer in order to establish and provide 

further support for the current findings.  

Analyses with two standard constitutive soil models available in the finite 

element PLAXIS code (namely MCC and SSC), suggested unrealistic predictions for 

the SSC model. This is partly due to the assumptions made for the creep part of the 

model. But given the differences in the predictions by the SSC and ACM models, 

there might be some other causes as well, such as related to the numerical 

implementation. In order to investigate this problem further and to provide additional 

support for the current findings, it is recommended that additional numerical studies 

are conducted using the isotropic version of the ACM model. It would also be of 
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interest for future research to expand this study by using other advanced constitutive 

models, such as EVP-SCLAY1S (Karstunen & Yin, 2010). 

Based on the boundary value simulations using the ACM-S model, some issues 

should be addressed and thoroughly studied in the future. First of all, the causes for 

the over-predictions of the vertical and horizontal displacements should be 

investigated. The simulations with ACM-S indicate that the subsoil under self-weight 

conditions (in the presence of in-situ stresses only) can exhibit significant (and 

unrealistic) creep settlements. This may be a result of the formulation of ACM-S 

(and ACM, Leoni et al., 2008) itself, as it is assumed that the normal consolidation 

surface (NCS) is the contour of the constant volumetric creep strain rate. Following 

that, large volumetric creep strain increments between the 
0K -line and the critical 

state line (CSL) may be calculated and greater than expected horizontal movements 

(and thus, greater vertical displacements) may be predicted. It should be pointed out 

that the experimental evidence suggesting contours of constant volumetric creep rate 

were based on assuming a fixed anisotropic yield surface. Moreover, in the ACM-S 

model the ratio between the secondary compression index 
α

C  and the compression 

index cC  is assumed to be constant, and only components of this ratio are assumed to 

change due to destructuration. This assumption requires further experimental 

investigation. 

The over-consolidation ratio is directly determined via laboratory tests results, 

thus it would be beneficial if its value is an input parameter for all constitutive soil 

models, both elasto-plastic and creep.  

The proposed ACM-S model is applicable for normally and slightly over-

consolidated natural soft soils. It may be of interest to adapt this model (and/or its 
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improved version) to account for heavily over-consolidated soils in order to ensure 

the wider application of this constitutive formulation. Additionally, as the stress-

strain behaviour of soft soil under cyclic loading is different than under single 

(monotonic) loading, it is particularly essential to consider the cyclic material 

behaviour for fatigue analysis, strength and life calculations. Therefore, it may be of 

interest to expand the ACM-S model to take into account soft soil behaviour under 

cyclic loading, which will find its application in e.g. projects of windfarm 

foundations or structures constructed on seismic areas.  

 

8.2 Feasibility of stone column foundation in 

settlement and consolidation time reduction 

 

Finally, a case study considering the behaviour of a stone column foundation beneath 

a footing on a lightly over-consolidated soft soil deposit in Western Scotland was 

investigated for the following stages: (i) during construction, (ii) during the first three 

years of service and (iii) during consolidation. Due to the complex soil profile and 

heterogeneity of the ground conditions, both standard and advanced constitutive 

models were used to represent the soil and stone column material. The potential for 

reducing settlements and the consolidation time was demonstrated in this case using 

a detailed three-dimensional finite element analyses. 
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8.2.1 Limitations and recommendations for future work 

 

Due to the limited site investigation and the poor quality of the soil samples 

retrieved, the work presented here is considered only as an initial numerical study of 

the feasibility of stone column foundations to reduce settlements and consolidation 

time. The limited site investigation and the unreliable laboratory test results led to a 

restricted soil characterisation of the soil deposits present at the Bishopton site. 

Therefore, in order to provide additional supporting information for the current study 

and for a more detailed numerical study, additional site investigation and laboratory 

tests are required. It is recommended that the sample disturbance be minimised to 

ensure good quality representative samples and as such, reliable laboratory tests 

results. A research proposal is currently under review submitted by the University of 

Strathclyde, in partnership with other universities, which will quantify the effects of 

sample disturbance on the creep of soft soils and investigate the possible means of 

reduction of sample disturbance.  

It would also be of additional benefit to further expand the current study by 

conducting additional numerical studies with another constitutive model which is 

capable of accounting for the viscosity of the soft soil deposit, such as ACM-S, in 

order to ensure the most realistic stress-strain behaviour predictions.  

 

8.3 Overall recommendations 

 

In the current numerical studies, the stone columns were simply ‘wished-in-place’. It 

would benefit future research to expand the current studies to include column 
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installation effects; first, for a single column and then, to apply the procedure for 

groups of columns. Research is currently being carried out at the University of 

Strathclyde, in partnership with the University of Cantabria (Spain), which studies 

the changes in anisotropy, bonding and viscosity as a result of column installation in 

soft clays and these effects on the stress-strain behaviour of the structure. Column 

installation reduces the undrained shear strength of the soft soil and increases the 

lateral stresses, but the effects on the final structure are yet to be quantified. 

Therefore, it is recommend to upscale studies to well instrumented site tests to 

investigate the stress/excess pore water pressure distribution during stone column 

installation in soft soils and to study the effect of the column installation method (wet 

or dry method). 
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